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Abstract
The use of tubular columns in conjunction with reinforced concrete ﬂat slabs provides struc-
turally eﬃcient solutions which avoid undesirable failure modes such as those associated with
shear. This thesis is concerned with the development of a tubular column-to-ﬂat slab connec-
tion system that enables reliable performance under seismic loading conditions. During this
research a novel detail which features a gap around the column is proposed and developed;
hence only the structural steel shearhead establishes the connection. The exposed parts of
the shear arms (fuses) are designed to yield prior to punching shear failure, in a way that
utilises the favourable features of steel in terms of the response to seismically induced loads.
The proposed connection could serve as a primary lateral resisting system within all building
conﬁgurations in regions of low to moderate seismicity or as a secondary system in areas of
signiﬁcant seismicity. In order to provide validation for the proposed details as well as asso-
ciated numerical and design procedures, a purpose-built rig which is suitable for large scale
testing of structural sub assemblages under combined gravity and uniaxial lateral loading,
has been designed and constructed, and subsequently employed for a number of tests. Test
results and numerical analyses are presented with respect to a conventional conﬁguration,
as well as for the proposed, partially embedded connection. The latter is shown to oﬀer
enhanced ductility compared with traditional forms. The results are used to demonstrate the
favourable inelastic performance of the proposed detail in terms of ductility, low degradation
eﬀects and increased energy dissipation capabilities. Complementary small scale slab panel
tests are also used to further optimise the composite behaviour of the proposed detail. Addi-
tionally, a closed form solution based on plastic limit analysis which can serve as a basis for
a simpliﬁed design approach is proposed. Finally, the main ﬁndings from the experimental
and analytical investigations are highlighted, and recommendations for future research are
outlined.
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Fsw Capacity arising from punching shear reinforcement
F (σ) Yield function
Fu Capacity at ultimate displacement
Fv Vertical column force (gravity load)
Fx,r,r′ Failure function of x, r and r
′
G Shear modulus
Gc Fracture energy of plain concrete in compression
Gcr Post crack shear modulus
Gf Fracture energy of plain concrete in tension
H Horizontal component of bearing force
Ha Global horizontal higher order fuse end force
Hb Global horizontal higher order fuse end force
Hi Isotropic hardening modulus
Hk Kinematic hardening modulus
H (L, γ) Horizontal fuse capacity (higher order)
Hw Global horizontal higher order fuse end force
Ic Moment of inertia of composite section
Icr Moment of inertia of cracked section
Ie Eﬀective inertia moment
Ig Gross moment of inertia
Ii Invariants of the stress tensor
I
′
i Invariants of the strain tensor
Is Moment of inertia of steel section
[J ] Jacobian matrix
Ji Invariants of the deviatoric stress tensor
J
′
i Invariants of the deviatoric strain tensor
Jx Second moment of area
Jy Second moment of area
[KE ] Element stiﬀness matrix
KI Mode-I stress intensity factor
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K Peak strain factor
[KG] Global stiﬀness matrix
Kσ Peak stress factor
L Nominal length; shear arm length between column face and tip; fuse length
Lch Characteristic length for FPZ; characteristic fuse length
Lel Element length measured in loading direction
Lgauge Gauge length
LR Rigid link length
Ltot Total coupon length
M (External) bending moment
Ma Maximum applied external bending moment
Mcr Cracking moment
MEd Maximum applied external bending moment
Mf Plastic ﬂange bending capacity
Mp Plastic bending moment
Mpl (Q) Plastic moment capacity as a function of Q
M
′
pl (Q) Plastic ﬂexural ﬂange capacity
Mt,rd−w Plastic warping torsion capacity
Mt,rd−N Plastic direct torsional resistance
Mu External bending moment
Mw Plastic web bending capacity
M (L) Fuse end moment (ﬁrst order)
M (L, γ) Fuse end moment (higher order)
Mmax Maximum induced external bending moment
N Axial (normal) force
[N ] Matrix of shape functions
Nf Number of load reversals
Nfl Axial force in ﬂange
P Splitting force
P (σ) Plastic potential function (surface)
Q Shear force
R (L) Vertical fuse capacity (ﬁrst order)
R (L, γ) Vertical fuse capacity (higher order)
Ti Tensile hoop force
Tn,s,t Traction forces in crack plane
V Vertical component of bearing force; Gravity load
Va Global vertical higher order fuse end force
Vb Global vertical higher order fuse end force
Vc Punching shear capacity without shear reinforcement
Vcalc Punching shear strength
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Ve Volume of 3D element
VEd Gravity load
Vf Ultimate ﬂexural capacity
Vflex Ultimate ﬂexural capacity
Vg Gravity load level
VR Punching shear capacity
Vs Shear force in shear arm at critical section
Vsh Shear force in shear arm
Vu Punching shear capacity; gravity load
Vw Plastic web shear capacity; Global vertical higher order fuse end force
V Iu Concrete capacity
V IIu Reinforcement capacity
W1 First area moment of perimeter
X Mean compressive depth
Xf Flexural compressive depth
Xs Depth of shear critical section
α Angle of resultant compressive force; angle enclosed by generatrix; coeﬃcient
and vertical axis; angle of critical shear crack
αi Inclination angle of compressive strut
αc Inclination angle of resulting compressive force
αlat Damage parameter
αv Shear arm stiﬀness ratio
α0 Inclination of critical shear crack for pure punching
β Geometrical constant for circular plate; stiﬀness reduction factor;
shear retention factor
β cr Damage function for strain
βσ cr Damage function for stress
δc Strain at peak strength
δes Crack shear slip
δij Kronecker delta
axi Axial strain in shear arm
c Strain at peak strength
cr Mode-I crack strain
f Tensile ductility

′
f Empirical fatigue ductility coeﬃcient
ij Second order strain tensor
L Elongation after fracture
crnn Crack normal strain
p Reduced peak strain
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tang Hoop strain
u Ultimate strain
cru Ultimate crack tensile strain
v Volumetric strain
xx Axial strain
pxx Plastic axial strain
ϕ Angle of friction
φ Eﬃciency factor
γ Shear deformation
γc Factor of safety
γmax Peak angular fuse displacement
γν Moment fraction
γT Angular transverse fuse displacement
γpzx Plastic shear strain
γpzy Plastic shear strain
η Empirical coeﬃcient; natural coordinate
κ Size eﬀect factor; crack strain
κu Ultimate crack strain
λ relative structure size
λ0 Empirical parameter
μ Mean reinforcement ratio; parameter considering size eﬀects
μc Eﬀectiveness factor for compressive strength
μt Eﬀectiveness factor for tensile strength
ν Poisson’s ratio; shear strength
νci Shear stress in crack
νed Shear stress acting along critical perimeter
νRd,c Shear strength of critical perimeter
θ Angle of shear plane; Lode’s angle
ρ Kinematic hardening tensor; reinforcement ratio
ρl Mean reinforcement ratio
σ Crack normal stress; axial stress
σcf Failure stress
σcs Compressive stress acting at column face
σi Principal normal stresses
σij Second order stress tensor
σk Allowable concrete compressive stress
σN Nominal strength
σnn Normal stress acting on inﬁnitesimal surface element
σnt Shear stress acting on inﬁnitesimal surface element
σoct Octahedral normal stress
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σs Tensile stress in reinforcement; split cylinder strength
σt Post peak tensile strength
σt,i Tensile stress in tensile member
σu Tensile strength
σx Standard deviation
σ02 0.2% proof stress
τ Shear stress (in crack plane)
τmax Maximum shear stress
τoct Octahedral shear stress
ξ Empirical coeﬃcient; natural coordinate
ψ Rigid angular radial slab deﬂection; dilation angle
{ψ}i Incremental out of balance force vector
ζ Utilisation parameter; natural coordinate
Δ Lateral storey drift; crack shear displacement
{Δd}n,G Global nodal displacement vector
{ΔRG} Global nodal force vector
ΔE Incremental total potential energy
Δp Twice the plastic strain amplitude
{ΔF} Body force vector
{Δd} Incremental displacement vector
{Δd}n Incremental nodal displacement vector
{Δ} Incremental strain tensor
ΔL Work done by surface (traction) and body forces
Δr Change of length in radial direction
{ΔRE} Incremental nodal force vector
{ΔRint}i Internal nodal force vector
{Δσ} Incremental Cauchy stress tensor
{ΔT} Traction force vector
ΔW Incremental strain energy
Φ Factor of safety
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Chapter 1
Introduction
1.1 General
Reinforced concrete ﬂat slabs are commonly used in residential and commercial buildings due
to their low cost and ﬂexibility of use. The main advantage of ﬂat slabs is that construction
costs and time are reduced, when compared with conventional beam and slab conﬁgurations,
due to the absence of drop panels, ribs or downstand beams. Furthermore, the use of ﬂat slabs
eases the distribution of services and allows greater ﬂexibility in the positioning of columns.
Jones & Morrison (2005) point out that during the construction of ﬂat slabs the erection of
the columns is often on the critical path. This has led to the adoption of pre-cast columns
or steel universal column (UC) sections. Other solutions involve tubular steel sections such
as hot ﬁnished circular or square hollow sections which might also be reinforced and ﬁlled
with concrete to form composite conﬁgurations. The beneﬁt of employing tubular sections
lies in the high axial and bending capacity which applies even more notably for composite
columns. According to Bergmann et al. (1995), concrete ﬁlled hollow sections have the
following advantages:
• Inﬁlling with concrete increases the rigidity and strength of steel hollow sections, which
allows the use of more slender columns.
• Hollow sections act as moulds as well as reinforcement.
• The curing period of the concrete does not obstruct the building process. The time
required for assembly and erection is short.
• The concrete core increases the ﬁre resistance. No external ﬁre protection for the steel
section is necessary.
• Hollow sections permit a high degree of prefabrication and allow a quick and dry as-
sembly on site
30
1.2 Seismic behaviour and demands
Typical failure modes associated with reinforced concrete columns under seismic loading
conditions are concrete bursting and shear failure. Bursting failure can be described as
concrete crushing of the column with subsequent buckling of the longitudinal reinforcement
(see Fig. 1.1). Shear failure typically occurs in the column directly below the slab (see Fig. 1.2)
and the prevention of shear failure requires complex reinforcing details in these critical areas.
Figure 1.1: Bursting of reinforced concrete column (from Kirk, 1996)
Figure 1.2: Typical shear failure of reinforced concrete column (from Kirk, 1985)
31
Tubular steel columns are less susceptible to failure under seismic loading conditions and
also have a high strength-to-weight ratio. Despite the popularity of ﬂat slab systems in many
parts of the world, their seismic performance remains a major concern. Under seismic loading,
the column-slab assembly is subjected to unbalanced bending moments which, coupled with
the co-existing gravity loading, can often lead to premature punching shear failure. More-
over, low-cycle fatigue conditions that occur under seismic loading also add to the problem.
Mitigation of these adverse eﬀects can involve very demanding reinforcement detailing which
impairs the feasibility of the design and, more signiﬁcantly, does not eliminate the uncertainty
in seismic performance. Due to the complexity of seismic response, inelastic demands can
still be imposed on the columns, even when the ultimate design is based on elastic column
behaviour. These demands often arise due to uncertainties in slab over-strength and actual
load distributions.
The availability of tubular steel column solutions presents an attractive alternative to rein-
forced concrete columns, irrespective of the inelastic demand on the columns. In addition to
practical merits in construction, the use of tubular columns, alongside experimentally veriﬁed
connection details, would lead to considerably more reliable ﬂat slab construction in seismic
areas in terms of structural safety.
There are two seismic design situations that have to be considered in practice. The ﬁrst is
likely to occur more frequently in low rise structures, where moment-resisting frame action
may be utilised as the main lateral resisting system. In this case, and under extreme condi-
tions, the design would be based on providing plasticity and energy dissipation through ﬂoor
members rather than the columns. This consequently avoids local storey mechanisms and
excessive storey drifts.
The second design situation, which typically occurs in medium and high rise buildings, could
involve reinforced concrete walls/cores or bracing schemes/cores acting as the primary lateral
resisting system. In this case the column-slab system is a secondary system. Irrespective of
whether the column-slab system represents a primary or secondary lateral resisting mech-
anism, suﬃcient ductility, consistent with the design’s ultimate inelastic drift, should be
ensured at the column-to-slab connection. Adequate ductility is therefore needed for both
primary and secondary systems to maintain the connection capacity.
1.3 Research requirements
The research carried out for this thesis considered the behaviour of shearheads in transmitting
moments from slabs to columns under seismic loading conditions. The shearhead systems
dealt with in this research could serve as part of an unbraced system in low-rise structures, or
as a secondary system in braced medium or high rise structures. A shearhead is a specially
designed structural steel device which connects the column with the slab and which will be
discussed thoroughly in the course of this thesis.
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Flat slabs are directly supported by columns, rather than by beams or walls, which leads to
a concentration of bi-axial bending moments and shear forces in the slab around a column.
Failure can arise due to either ﬂexure, or more commonly punching shear. Unbalanced
bending moment action induced by seismic loading adds to the problem. Punching shear
failure is a brittle type of failure which can lead to a progressive collapse of the entire ﬂat
slab system. Figs. 1.3 and 1.4 show two examples of a total collapse of a multi storey building
due to punching shear failure.
Figure 1.3: Collapse of Sampoong Department store 1995 (from Wikipedia, 1995)
Figure 1.4: Collapse of Pipers Row car park 1997 (from BBC, 1997)
The punching resistance of ﬂat slabs can be increased by locally increasing the slab thickness
around the column with a drop panel or by locally increasing the column size with a column
head. Megally & Ghali (2000) showed that drop panels do not enhance the punching strength
when large moment reversals occur under cyclic loading. Therefore, the adoption of drop
panels not only compromises the advantages of ﬂush ceilings but also reduces the eﬀectiveness
in a seismic situation.
The punching shear resistance of ﬂat slabs can also be increased by the provision of punch-
ing shear reinforcement such as stirrups, dowels, hooks or similar. Alternatively the shear
resistance can be increased with structural steel shearheads which are fully accommodated
33
within the slab depth to avoid compromising the advantages of ﬂat ceilings. Shearheads
can be used as punching reinforcement in ﬂat slabs supported on concrete columns. Alter-
natively, shearheads can be used to connect reinforced concrete ﬂat slabs to steel columns.
Shearheads are usually designed to enhance the punching shear capacity without the need
for additional punching shear reinforcement. Futhermore, shearheads oﬀer higher capacities
when compared to other punching shear reinforcement types. In principle, such systems need
to transfer gravity loads and often bending moments into columns, with minimal strength
degradation under cyclic lateral loading, in addition to reinforcing against punching shear.
1.4 Aims of research
Despite the availability of a number of appropriate shearhead systems, most of these conﬁg-
urations are only suitable for resisting gravity loading and cannot be used to resist lateral
loading.
Consequently, this research programme focuses on the development of a cost eﬀective inter-
nal tubular column-to-ﬂat slab connection that provides reliable performance under seismic
loading conditions. To achieve this, the following steps have been incorporated:
• Extensive literature review on the general mechanical and material behaviour of rein-
forced concrete column-to-ﬂat slab connections; including views on gravity as well as
monotonic and cyclic lateral loading conditions. Furthermore, special attention was
given to literature on existing shearhead systems and available tubular column-to-ﬂat
slab connections.
• Development of a novel shearhead detail. Validation and improvement of the novel
shearhead system by means of large and small scale laboratory tests under combined
monotonic and cyclic loading conditions. Extensive nonlinear ﬁnite element analysis of
the column-slab system with a particular focus on the shearhead-composite behaviour.
• Development of a deformation-based design procedure for the novel shearhead detail,
whith emphasis on practicality and robustness.
1.5 Outline of this thesis
Chapter 2 reviews the basic principles underlying punching shear failure in ﬂat slabs. A
number of concentric punching shear models are reviewed in order to provide a detailed insight
into the mechanical principles that govern punching failure. The eﬀect of lateral loading on
punching is then explained. Issues arising from seismic demands such as those associated
with cyclic lateral loading are subsequently presented and discussed. The provisions in the
Eurocode (EC 2, 2004) and the ACI-building code (ACI 318, 2005) approaches are discussed.
The accuracy of the aforementioned code provisions is assessed and relevant analytical models
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are examined in terms of their predicted punching shear capacities. Chapter 2 concludes with
a more speciﬁc discussion which highlights the main behavioural issues associated with ﬂat
slab-to-column connections.
Chapter 3 reviews the literature on shearheads with particular emphasis on systems for con-
necting ﬂat slabs to tubular steel columns. A detailed description of existing shearhead
systems is given. This includes an assessment of their functionality, advantages and ap-
plication. Additionally, available investigations on the behaviour of ﬂat slabs with shear
head reinforced slabs under gravity and combined loading conditions are summarised. These
studies are employed to identify the general performance of shearheads and their associated
failure modes. Two diﬀerent design approaches for shearheads based on the works of Corley
& Hawkins (1968b) and Chana & Birjandi (1997) are presented and compared. In addition,
two suitable shearhead systems are selected for further assessment. The selection was based
on the particular requirements of shearheads subjected to unbalanced bending moments. The
chapter concludes by presenting a novel shearhead in which a gap is left around the column
to enable the shearhead to yield in shear prior to the slab failing in punching.
Chapter 4 describes the experimental programme carried out at Imperial College London
which includes small and large scale tests on ﬂat slab specimens. Details are given of both
purpose-built small and large scale test rigs which comply with the demands of this research
project. Additional details are given of material tests, specimen sizes, reinforcement layouts,
shearhead details and instrumentation.
Chapter 5 gives a detailed presentation of the test results that are split into large and small
scale tests under gravity and lateral loading. The test results include loading regimes, testing
methodologies, capacities, failure modes, crack patterns, crack widths and strains. The test
results are subsequently interpreted and the performances compared and discussed. Empha-
sis is placed on the behavioural diﬀerences between the novel and conventional shearhead
assemblages. The proposed shearhead system is shown to oﬀer favourable performance in
terms of ductility and energy dissipative capabilities in comparison with existing systems.
Chapter 6 describes the numerical modelling approaches adopted for simulating the response
of column-slab systems. After a brief introduction into the theoretical background of the
ﬁnite element method, elasto-plasticity and some constitutive models that are commonly
used for modelling concrete in ﬁnite element analyses are presented. The Total Strain Model
(DIANA, 2008) is presented which is used throughout Chapter 7 and consequently explained
in more detail. Particular emphasis is given to modelling the cracking of concrete in tension
where a fracture energy based approach used to capture the post-peak behaviour is explained.
Furthermore, the von Mises criterion in combination with strain hardening is presented. This
chapter concludes with a brief overview of the adopted element types (i.e. 3D solid-, shell-,
and cable elements) and iterative solution algorithms.
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Chapter 7 uses the numerical procedure developed in Chapter 6 to simulate the tests described
in Chapter 5. Parametric studies are conducted to validate the adopted nonlinear ﬁnite
element procedure against the test results conducted within this research programme, as
well complementary data available from the literature. The adopted procedure is shown to
be capable of simulating punching shear failure (Vollum et al., 2010 and Eder et al., 2010).
Numerical results are presented to give detailed insight into the mechanical behaviour of
conventional and novel shearhead systems.
Chapter 8 combines the ﬁndings of Chapters 5 and 7 to develop a performance-based design
procedure for the proposed shearhead detail. The design procedure considers both limit
plasticity theory and punching shear failure under any combination of gravity and lateral
load. Thereby, second order eﬀects are also considered.
Chapter 9 provides a summary of the whole research project and the conclusions reached
from the tests and numerical work carried out in this thesis. It is complemented by some
recommendations for future work on the topic of inelastic behaviour of tubular column-to-ﬂat
slab assemblages.
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Chapter 2
Punching shear in ﬂat slabs
2.1 General
Punching in ﬂat slabs is still an ongoing area of research and to date there exists no universally
accepted model for punching shear failure. One of the diﬃculties in researching punching
shear is that failure takes place inside the slab and cannot be directly observed. Instead,
punching shear failure can be perceived as a black box which conﬁnes conclusions to be
drawn by observations from the outside.
Punching shear failure is a major concern in the design of slab-to-column connections. This
chapter aims at unveiling the governing processes behind punching failure. This is done
by the presentation of various test data compared with a diversity of analytical modelling
concepts.
According to CEB-FIB (1990) punching failure is a shear failure within the discontinuity
region (D-region) of the highly stressed areas in the slab around the column. Supporting
a thin plate directly on pin supports leads to a concentration of forces which, in theory,
when the column diameter approaches zero, can even reach inﬁnity. Fig. 2.1 depicts the
bending moment and shear force distribution in a section through the column axis of a
regularly supported (square column pattern) ﬂat plate system. It shows the simultaneous
accumulation of bending moments and shear force maxima directly at the column.
The linear elastic isotropic shear force qxz along this section can be obtained by equation 2.1
which shows that it follows a hyperbolic distribution and that its level rapidly increases in
vicinity of the column.
qxz =
p l2
8x
(
1−
(
2x
l
)2)
(2.1)
where p represents the uniformly distributed surface load, l represents the span and x denotes
the cartesian coordinate with the origin in the column centre.
37
Figure 2.1: Bending moments and shear forces in a ﬂat plate system (from Piel, 2004)
The biaxial bending moment trajectories of such a system are shown in Fig. 2.2 where the
radial moments are zero along a circle with a radius of r = 0.22 l.
Figure 2.2: Plate moment trajectories mϕ and mr in a ﬂat plate system (from Sauermann,
1999)
This circumstance can be used to determine the size of specimens (i.e. the equivalent static
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system) for concentric punching shear tests. The force concentrations mentioned above lead to
a triaxial stress state around the column where within this critical area the strain distribution
through the depth loses linearity. This shows that, strictly speaking, the Kirchhoﬀ hypothesis
is violated in the D-region. In addition, the presence of reinforcement introduces orthotropy
which adds to the complexity of punching shear mechanisms. Fig. 2.3 shows the principal
stress contours σ1 and σ2 at the intersection of the slab with the column. In analogy to a
strut-and-tie model it shows how the compressive struts are spreading like a fan from the
column face. The σ1 contours can be regarded as tensile members. This intrinsically shows
that the punching shear process is both initiated and propagated by tensile failure between
the compressive struts. Furthermore, Fig. 2.3 shows that a compressive ring is present in the
bottom of the slab adjacent to the column face.
Figure 2.3: Principal elastic stress trajectories σ1 and σ2 at slab-column intersection (from
Sauermann, 1999)
Punching shear is a brittle type of failure, which may occur before yielding of the ﬂexural
reinforcement. This implies that the D-region is not suﬃciently ductile for a full plastic
redistribution of forces to occur. It also demonstrates that the safety level cannot be increased
up to a certain point by provision of additional ﬂexural reinforcement. Furthermore, the
brittle nature of punching shows that concrete fracture rather than plasticity is governing
the failure process.
All these features make the punching shear behaviour of reinforced concrete ﬂat slabs complex.
This chapter reviews relevant design approaches for punching under gravity and combined
loading conditions.
2.2 Punching shear phenomenon
A concentrically loaded, edge supported circular slab (i.e. equivalent system), behaves in
a linear elastic manner when ﬁrst loaded. This leads to a axisymmetric distribution of
moments mφ and mr in a polar coordinate system. As the tangential moments mϕ are slightly
higher than mr, radial cracks start to propagate in a symmetric crack pattern. Subsequently,
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tangential cracks develop, which indicates a redistribution of radial- to tangential bending
action. Fig. 2.4 illustrates such a radial and circumferential crack pattern with typical sector
elements between the radial cracks.
Figure 2.4: Radial and tangential crack pattern
Piel (2004) describes a series of analytical investigations which he conducted to examine
the post crack behaviour of ﬂat slabs subjected to punching. For this purpose, three linear
elastic isotropic circular plates with β = rs/rr = 5.5 for various boundary conditions were
investigated. These represent extreme cases where Case-1 comprises a fully ﬁxed central
hole with the size of the column, Case-2 represents a continuous plate and Case-3 is simply
supported along the central hole. The constant β relates the radius of the hole rs to the
plate perimeter rr where ri represents an arbitrary radius along the plate. The vertical plate
deﬂection w is measured from the supports. The slabs were loaded from their outer edges
with a uniformly distributed load qr. In Fig. 2.5 the plate deﬂections w of the three cases
are plotted along the radius ri between the edge of the opening (or support) and the outer
perimeter.
Figure 2.5: Deﬂection of circular plate with diﬀerent boundary conditions (after Andra¨, 1982)
Fig. 2.5 shows that the deﬂection in Case-3 is almost linear; that is, the radial curvature
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caused by the logarithmic terms in the elastic solution of Case-3 is small. In their own tests
Kinnunen & Nylander (1960) observed that with the exception of a small area above the
column, the radial segments of the slab remain straight as shown in Fig. 2.6. Piel (2004)
concluded that, at ultimate loading, the system behaviour approaches a circular plate with
a central hole.
Figure 2.6: Idealised deﬂected shape of a slab during punching
Punching failure is characterised by the formation of a truncated cone as shown in Fig. 2.7.
The inclination angle of the critical shear cracks in ﬂat slabs without shear reinforcement
have been observed to be between 25◦ and 35◦. The shear crack either penetrates to the
top surface of the slab or changes direction when it meets the ﬂexural reinforcement. In the
latter case the crack propagates along the reinforcement causing debonding over a large area
of the slab what is known as the ’dome eﬀect’ (see Fig. 2.7).
Figure 2.7: Punching shear crack at failure (from Vollum et al., 2010)
The ﬂexural cracks initially form at the top surface of the slab and propagate through its
depth as the load increases. On the other hand, shear induced cracks emerge in areas of high
shear stress concentrations. These typically occur in the compressive part of the slab near the
column and propagate towards the top surface. It is a priori not clear whether punching shear
failure occurs when ﬂexural cracks reach the column base or when the shear cracks penetrate
the tensile surface, or when the shear- and ﬂexural cracks join. In the case of thick slabs (e.g.
column footings) or when ﬂexural cracking is suppressed by high tensile reinforcement ratios,
shear induced cracks govern the failure process. This explains the increase of brittleness in
these cases.
The punching shear resistance in slabs without shear reinforcement is variously attributed
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to:
• Shear transfer through cracks by aggregate interlock
• The presence of residual tensile strength across cracks (tension softening)
• The reinforcement ratio
The ﬁrst two items are inﬂuenced by the concrete strength, aggregate type and the slab
depth. It is important to say that the shear strength does not immediately drop to zero on
the formation of a shear crack due to the presence of aggregate interlock which depends on
the crack width and also on the aggregate size. The third item aﬀects the crack width (i.e.
control of the crack) and the depth of the ﬂexural compression zone which strongly inﬂuences
the punching behaviour. Additionally, ﬂexural reinforcement contributes to the punching
capacity through dowel action.
2.3 Size eﬀects in punching shear
According to Bazant & Planas (1998) plain concrete is a quasi-brittle material, which suggests
that its material behaviour lies in between perfectly brittle and perfectly plastic behaviour.
Perfectly brittle materials follow linear elastic fracture mechanics (LEFM) in which the frac-
ture process occurs in one point: that is the crack tip. Consequently this causes an inverse
square root singularity and when the crack tip is approached from the solid, the stress levels
in LEFM tend to inﬁnity (see Fig. 2.8, a).
Figure 2.8: Estimation of the FPZ (after Bazant & Planas, 1998)
The Mode-I near tip stress distribution σ22 (y-direction) in a linear elastic material is given
by
σ22 =
KI√
2πx
(2.2)
where KI represents the Mode-I stress intensity factor and x is the coordinate measured from
the crack tip.
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In concrete fracture however, the tensile stresses are limited by the tensile strength ft and
the near tip stress ﬁeld needs to be modiﬁed as depicted in Fig. 2.8, b. Hence, the stress
approaching the crack tip is not singular but has a ﬁnite length often referred to as ’fracture
process zone’ (FPZ). The concrete behaves in a less brittle fashion as the size of the FPZ
increases relative to the structure size which has strong implications on the overall struc-
tural behaviour. To describe concrete material behaviour the adoption of nonlinear fracture
mechanics is required.
According to Bazant (2000), fracture propagation in quasi-brittle materials depends on both,
the fracture energy and the material strength. The fracture energy is a material property
and is deﬁned as the amount of energy required to create one unit area of crack surface.
Consequently a crack propagates when the released energy during the crack extension is
equal or greater than the fracture energy. The exact meaning of the fracture energy and its
role in ﬁnite element analysis is discussed in Chapter 6. Bazant & Planas (1998) mention
that the length of the FPZ can be estimated by equating the area enclosed by OBCDO with
that enclosed by DEBCD according to equations 2.3 and 2.4 (see Fig. 2.8).
R = η
(
KI
ft
)2
(2.3)
Lch =
(
KI
ft
)2
=
EcGf
f2t
(2.4)
where R represents the length of the FPZ, η is a factor considering the shape of the curve
between OB, Ec denotes the elastic modulus, ft the uniaxial tensile strength and Gf the
fracture energy in tension.
One way of expressing the brittleness of a material is its characteristic length Lch according
to equation 2.4. The characteristic length is a ﬁctitious material parameter which cannot be
directly measured. On the other hand, it is an indirect measure for the length of the FPZ. The
brittleness of a material reduces with increasing Lch. Lch approaches inﬁnity in the case of a
perfectly plastic material and approaches zero in the case of a perfectly brittle material. The
fracture energy rises with increasing concrete compressive strength and increasing aggregate
size. The tensile strength also increases with increasing compressive strength. Consequently,
the compressive strength has an adverse eﬀect on the brittleness of concrete.
Fig. 2.9 shows two geometrically similar panels with a central notch of length a0 and width
h. The panel is subjected to a uniaxial tensile stress in such a way that bending eﬀects can
be ignored.
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Figure 2.9: The source of the size eﬀect (after Bazant & Planas, 1998)
The triangular area at both sides of the notch represents the stress relief zone caused by the
notch which is assumed to be linear with an empirical slope of k. When the notch propagates
an inﬁnitesimal length of Δa the stress relief zone increases which causes an incremental strain
energy release. The additional stress relief zone is represented by the grey hatched area in
Fig. 2.9 where the energy release can be calculated by the area times the panel thickness
times the strain energy density. Comparison shows that although Δa is the same for both
panels the amount of released energy in the larger specimen is higher. Considering that both
panels have the same fracture energy it is clear that the nominal strength decreases when
the structure size increases. This is called the size eﬀect (Bazant & Planas, 1998). More
generally the size eﬀect can be attributed to the fact that plasticity is conﬁned to a relatively
small area in front of the crack tip which changes its location when the crack propagates.
This shows that in contrast to plastic limit analysis the size of the plastic zone (the FPZ) is
not related to the structure size and only governed by material properties.
Bazant & Cao (1987) carried out tests on small scale micro concrete specimens and concluded
the following:
• The punching shear failure of slabs without stirrups is not plastic but brittle. This is
evidenced by the fact that after peak the load-deﬂection diagram exhibits a gradual
decline rather than a plastic yield plateau.
• The punching shear tests of geometrically similar concrete slabs of diﬀerent sizes in-
dicate that a size-eﬀect exists, i.e., the nominal stress at failure decreases as the size
increases.
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• The larger the slab thickness, the steeper the post peak decline of the load deﬂection
diagram. Thus, the punching shear behaviour of thin slabs is closer to plasticity, and
that of thick slabs closer to linear elastic fracture mechanics.
Based on their tests Bazant & Cao (1987) developed a size-eﬀect law according to equation
2.5.
σN = ft c
(
1 +
0.6d
Lch
)(
1 +
λ
λ0
)−1/2
(2.5)
where σN represents the nominal strength, λ = d/da denotes the relative structure size,
d is the eﬀective depth, da is the maximum aggregate size, λ0 is an empirical parameter
characterising the fracture energy of the material and the shape of the structure and c is an
empirical constant which usually ranges between 0.06 ≤ c ≤ 0.08.
The horizontal line in Fig. 2.10 represents the case of a limit analysis which can be applied
to very small structures where size eﬀects are either negligible or nonexistent.
Figure 2.10: Size eﬀect law for blunt fracture (after Bazant & Cao, 1987)
In contrast, the straight slope of -1/2 in the log-log plot represents the case of linear fracture
mechanics which applies for very large structures. In Fig. 2.10 equation 2.5 represents a
gradual transition from the failure criterion of limit analysis to linear fracture mechanics
which shows that the shear strength decreases when the depth of the slab increases.
Birkle & Dilger (2008) have tested the inﬂuence of the slab thickness on punching shear
strength on specimens with and without shear reinforcement. They discovered a rapid de-
crease of shear stress resistance νu at the critical section d/2 from the column with increasing
slab thickness. They also demonstrated that for slabs without shear reinforcement, the stress
at failure for 300 and 500mm thick slabs are only 89% and 63% of the nominal failure stress
provided by ACI 318 (2005), respectively. Therefore, it is important to take account of size
eﬀects in punching shear analysis, which has been neglected in early code provisions.
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Guandalini et al. (2009) pointed out that the punching shear capacity in the ACI-building
code (ACI 318, 2005) does not account for the reinforcement ratio. In contrast EC 2 (2004)
accounts for the reinforcement ratio and also limits the strength of a slab with small ﬂexural
reinforcement ratios. When comparing the ACI building code with EC2, it is evident that
neglecting the reinforcement ratio is conservative for large reinforcement ratios. In cases
of low reinforcement ratios, the ACI design equations over estimate the actual punching
strength.
Guandalini et al. (2009) conducted punching tests on square reinforced concrete slabs without
shear reinforcement. Those reﬂected half size, full size and double size scales. The half scale
slabs measured 1500x1500mm with a slab depth of 125mm. The column size was 130x130mm.
The full scale slabs measured 3000x3000mm with a slab depth of 250mm. The column size was
260x260mm. The double scale slabs measured 6000x6000mm with a slab depth of 500mm.
The column size was 520x520mm. The double size specimen is to date probably the largest
ever tested. As for the instrumentation, strains were measured radially and tangentially on
the top and bottom surface as well as through the depth of the slab.
The load displacement diagrams showed that after a short initial linear elastic branch, tan-
gential and radial cracking strongly reduced the stiﬀness which subsequently is strongly in-
ﬂuenced by the ﬂexural reinforcement ratio. For specimens with small reinforcement ratios
and small slab depths, a quasi plastic plateau could be observed at ultimate load. Guan-
dalini et al. (2009) found that the deﬂected shape is essentially conical in the part outside
the critical shear crack, as was also found by Kinnunen & Nylander (1960). The area at the
top surface, where the critical shear crack opens together with a horizontal crack along the
reinforcement, is marked by a local change of negative (hogging) curvature. At the bottom
surface a local positive (sagging) curvature was apparent which caused the decompression of
the compressive ring in the vicinity of the column.
The development of internal cracks was measured by the relative change of the slab thickness
during loading. The results suggest that internal cracks did not start before 50-70% of the
ultimate load was applied. Internal crack widths at ultimate strength varied between 1.0 to
1.5mm. Slabs with high reinforcement ratios (ρ = 0.75%) failed without signiﬁcant yielding
of the reinforcement. Yielding was conﬁned to a small area above the column, and the rest
of the slab remained elastic. Slabs with low reinforcement ratios (ρ = 0.25− 0.33%) reached
a plastic plateau, and punching occurred just before the full activation of the yield line
mechanism.
Interestingly, the double scale specimen, although having a low reinforcement ratio (ρ = 0.33%),
did not reach a plastic plateau but failed in punching at a load much lower than its ﬂexural
capacity. Comparison of the failure loads with the design codes revealed that ACI code pre-
dictions for high reinforcement levels are conservative. However, the punching shear strength
of the double sized specimen was overestimated by almost 36% by the ACI code predictions.
Guandalini et al. (2009) attribute this phenomenon to the fact that the ACI code formula-
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tions neither account for the reinforcement ratio nor for the size eﬀects. The results were in
much closer agreement with the EC2 formulations.
2.4 Concentric punching shear models
In this section a brief summary of some existing punching shear models will be given. Gen-
erally all models can be distinguished as follows:
• Models based on cracked slab segments
• Models based on plasticity theory
• Models based on fracture mechanics
• Strut and tie models
• Numerical models
• Empirical models
A state-of-the-art report of all existing models can be found in CEB-FIB (1990) but only
a few selected models that are believed to be of direct relevance to this research will be
discussed in more detail. Empirical models based on purely statistical methods have been
excluded from this thesis as they do not provide information about the failure process itself.
Numerical investigations of punching shear problems are treated in Chapter 7.
2.4.1 Model after Kinnunen & Nylander (1960)
Kinnunen & Nylander (1960) developed their famous model on the basis of 61 tests. Accord-
ing to their observations, the following failure modes can cause punching failure:
• Bond failure of ﬂexural reinforcement
• Shear failure in the horizontal plane adjacent to the top layer of the main reinforcement
• Failure of the compressive cone shell
• Yielding of the ﬂexural reinforcement
Their analytical model is based on considerations of equilibrium within radially cracked circu-
lar segments around a circular column. A square column has to be transposed into a circular
column with the same perimeter. The model assumes a rigid body rotation based on the
observation that the radial deﬂection of a cracked slab remains straight (see Fig. 2.5). One
sector element is bound by the edge of the circular slab, two radial cracks and the punching
shear crack. The sector element is loaded along the outer edge and is assumed to sit on a
reactive compressive cone shell which develops at a distance y from the column. Fig. 2.11
(a) illustrates a section through a circular slab with radial and tangential reinforcement.
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Figure 2.11: Mechanical rigid segment model (after Kinnunen & Nylander, 1960)
Fig. 2.11 (b) shows an inﬁnitesimal sector element dφ. It shows the external and internal
radial and tangential forces acting on this rigid element which need to satisfy equilibrium.
The rectangular areas on the bottom side of the slab indicate the compressive hoops running
around the column. Failure according to this semi empirical model is either caused by concrete
crushing of the reactive compressive cone shell or by yielding of the ﬂexural reinforcement.
In the model it is assumed that the rigid segment rotates at an angular displacement ψ about
the neutral axis at the intersection with the column face. Fig. 2.12 shows the angular rotation
and the relative radial displacements described below.
Figure 2.12: Inﬁnitesimal sector element
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The change in length of an inﬁnitesimal element Δr at the top and bottom surface can be
expressed with equations 2.6 and 2.7 as follows:
Δri,b = ψ · xt (2.6)
Δri,t = ψ · (d− xt) (2.7)
where Δri,b and Δri,t are the radial changes of length, d is eﬀective depth and xt indicates
the compressive depth.
It can be seen that the compressive depth xt is assumed to be constant from the column face
to the edge of the slab. The Kirchhoﬀ hypothesis states that plane sections remain plane after
deformation (i.e. no shear deformations are considered). Implication of this hypothesis and
conversion of radial displacements into hoop strains
(
tang = Δri/ri
)
leads to the tangential
strains in the top and bottom surfaces given by equations 2.8 and 2.9.
tangi,b = Δri,b ·
1
ri
= ψ · xt · 1
ri
(2.8)
tangi,t = Δri,t ·
1
ri
= ψ · (d− xt) · 1
ri
(2.9)
where ri is the radius at an arbitrary point i, d is the eﬀective depth, 
tang
i,b represents the
tangential compressive strain in the extreme bottom ﬁbre and tangi,t denotes the tensile strain
in the ﬂexural reinforcement layer.
The hoop strain distribution in one segment plots a hyperbolic function and depends on
xt and ψ. Application of uniaxial constitutive laws and perfect elasto-plastic behaviour for
reinforcement yields the tangential stress distribution. Applying equilibrium conditions on
one segment between the external and the internal forces (vectors in Fig. 2.11) as well as
circumferrential integration leads to the ultimate capacity which consequently has to be
solved iteratively.
Based on the aforementioned assumptions Kinnunen & Nylander (1960) derived two analyt-
ical resistances, one representing the concrete capacity and the other one representing the
reinforcement capacity. The concrete capacity V Iu can be obtained by equations 2.10 through
2.13 as follows:
V Iu = 2.2πrsx
1 + x/rs
1 + x/2rs
σk
tanα (1− tanα)
1 + tan2α
(2.10)
k =
2rs
d
(2.11)
σk = 82.5
(
0.35 +
0.3fc
15
)
(1− 0.22k) for k < 2 (2.12)
σk = 46.0
(
0.35 +
0.3fc
15
)
for k ≥ 2 (2.13)
49
where x is the concrete compressive depth, rr represents the outer radius of the specimen
(rr = 0.22l), rs denotes the radius of the column, σk is the allowable compressive stress in
the compressive cone shell taking into account lateral conﬁnement and fc ≥ 15
[
N/mm2
]
denotes the unconﬁned uniaxial compressive concrete strength.
Equation 2.10 represents the resistance provided by the inclined force in the compressive
cone shell (see Fig. 2.13) and depends on the concrete compressive strength. The second
expression, V IIu represents the reinforcement capacity according to equations 2.14 and 2.15.
V IIu1 = 2.2πμfyd
2 rf
rr − rs
[
1 + ln
(
rr
rf
)](
1− x
3d
)
for rr ≤ rf ≤ ru (2.14)
V IIu2 = 2.2πμfyd
2 rf
rr − rs
[
1 + ln
(
rr
ru
)](
1− x
3d
)
for rf < ru (2.15)
with
μ =
Asx
rfd
=
Asy
rfd
(2.16)
ru = rs + 1.8d (2.17)
rf =
Es
fy
dψ
(
1− x
d
)
(2.18)
ψ = 0.0035
(
1 +
rs
x
)(
1− 0.44rs
d
)
for k < 2 (2.19)
ψ = 0.0019
(
1 +
rs
x
)
for k ≥ 2 (2.20)
where rf denotes the radius which identiﬁes the limit of the elastic range of the reinforcement,
ru is the radius of the punching shear cone which represents an angle of 30◦, α is the angle of
the resultant compressive force in the cone shell around the column, ψ represents the angular
displacement of the slab, μ denotes the mean reinforcement ratio within rf and fy is the yield
strength of the reinforcement.
The reinforcement capacity V IIu consists of two equations depending on whether rf lies within
or outside the punching cone. The punching shear capacity is iteratively obtained by variation
of the compressive depth x until the condition Vu = V Iu = V
II
u is met. A second iteration is
required for α which can be obtained by equation 2.21.
[
(rr − rs) tanα
d− x/3
]
1− tanα
1 + tan2α
=
1
4.7
(
1 +
x
2rs
)
ln
(
rr
rs + x
)
(2.21)
Usually the solution converges quickly and the number of required iterations is small. Fig. 2.13
shows a radial section through the slab with the afore mentioned geometrical deﬁnitions.
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Figure 2.13: Radial section through the slab
In order to account for orthogonal reinforcement, which causes a deviation from the assumed
radial symmetric conditions, Kinnunen & Nylander (1960) introduced a correction factor
of 1.1 which was calibrated against their data. The main advantage of this model is its
independence of a shear strength parameter because the punching resistance is solely deﬁned
by the concrete compressive strength and the yield strength of the reinforcement. It needs
to be emphasised that this model yields very reliable results in terms of capacity, and was
subsequently used as a basis for code provisions.
2.4.2 Model after Andra¨ (1982)
Andra¨ (1982) established that the model of Kinnunen and Nylander does not account for the
force ﬂow within the segment. Hence, in his model the sectoral element was modiﬁed and
divided into the following (see Fig. 2.14)
• Global truss mesh consisting of tensile members and compressive struts with an angle
of 45◦
• Local support system consisting of compressive struts with variable inclination
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Figure 2.14: Destructive process model (after Andra¨, 1982)
This ﬁctitious model consists of tensile struts (dashed lines) and compressive struts (solid
lines) which form an initial strut-and-tie model in the slab. Additional compressive struts
are present between the edge of the column and the top nodes of the truss. As the load
increases, the tensile struts next to the column start to fail, which consequently leads to a
redistribution of the compressive struts. As the load increases, the compressive struts between
the column and the slab move further away which decreases their eﬃciency.
Failure is reached when the equilibrium between the external loads and the strut forces can
no longer be established. The modiﬁed model considers an inﬁnitesimal ring with a thickness
of dr. The tangential compressive hoop thrust Ci and the tensile hoop thrust Ti in this
inﬁnitesimal ring can be obtained along the lines of Kinnunen & Nylander (1960) (equations
2.8 and 2.9). Based on the assumed condition that these forces are not in equilibrium Ci = Ti
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the unbalanced radial force ui,res can be obtained by equations 2.22 and 2.23.
ΔTi = Ti − Ci (2.22)
ui,res =
ΔTi
ri
(2.23)
The unbalanced force ui,res has to be transferred to the column and can be referred to the
local support system as illustrated in Figs. 2.14 and 2.15.
Figure 2.15: Compressive strut as a result of unbalanced tangential forces
Considering all inﬁnitesimal rings at once, the sum of all ui,res can be geometrically inter-
preted as radially oriented compressive cone shells which provide the local support system.
According to Andra¨ (1982), punching can be described by the following failure modes (see
Fig. 2.16):
• Vertical shear failure at the junction in the vicinity of the column (vertical shear crack)
• Splitting failure between the cone shells along their generatrix
Figure 2.16: Punching shear failure modes (after Andra¨, 1982)
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Andra¨ (1982) found that these failure modes are similar to those observed in unconﬁned
uniaxial compressive tests. Vertical shear failure at the column face can be interpreted as
concrete crushing failure. Splitting failure of the concrete cone shells, which eventually yields
the punching cone, can be interpreted as tensile splitting failure observed in brush supported
specimens where lateral conﬁnement (perpendicular to the loading direction) is prevented by
the brushes.
The models of Kinnunen & Nylander (1960) and Andra¨ (1982) require an outer radius. Kin-
nunen and Nylander considered this radius to be deﬁned by the slab size, which is ambiguous
in continuous ﬂat slab systems. Andra¨, on the other hand, argues that the inﬂuence of the
shear cones reduces as ri increases, due to the reduction in slope, and becomes negligible at
some point. This radius ru is speciﬁed by equation 2.24.
ru = rs + 5 d (2.24)
where rs denotes the radius of the column and d denotes the eﬀective depth.
The radial force ui,res is assumed to act horizontally in the reinforcement layer; further it is
in equilibrium with a compressive strut ci (equation 2.25) and a tensile member ti (equation
2.26) that intersects the centreline of the ring. The width of the tensile member dt can be
computed from equation 2.27 where dr denotes the width of one ring. The tensile stress σt,i
can be obtained from 2.28. In this case αi is deﬁned as the angle between ui,res and ci.
ci = ui,res · cos (αi) (2.25)
ti = ui,res · sin (αi) (2.26)
dti = dr · cos (αi) (2.27)
σt,i =
ti
dti
=
ui,res
dti
· tan (αi) (2.28)
Finally the resulting bearing force C at the column face needs to be calculated by adding the
horizontal and vertical components of the compressive struts ci according to equations 2.29
through 2.31 as follows:
V =
∑
vi (2.29)
H =
∑
ui,res (2.30)
C =
√
V 2 + H2 (2.31)
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with
vi = ci · sin (αi) (2.32)
αc = arctan
(
V
H
)
(2.33)
xn = xt · cosαc (2.34)
σcs =
C
xn
=
C
xt · cosαc (2.35)
where αc represents the inclination of the resulting compressive force C and σcs is the com-
pressive stress acting at the column face.
The solution for the two unknown parameters ψ (slab rotation) and xt (compressive depth) is
found iteratively. The ultimate failure load is reached if one of the following three conditions
is met:
• The ultimate tensile strain of the reinforcement in one of the rings has been reached.
• The tensile stress σt,i in one of the tensile members exceeds the concrete tensile strength
ft
• The compressive stress σcs in the compressive cone shell at the column exceeds the
concrete compressive strength fc. Because of the conﬁned conditions in the compressive
ring around the column, fc may be increased according to triaxial test data.
2.4.3 Model after Yankelevsky & Leibowitz (1995)
Yankelevsky & Leibowitz (1995) proposed a model for concentric punching based on a rigid-
post-fractured behaviour. This model considers equilibrium and kinematic conditions, which
enables it to predict the load displacement behaviour. The model behaviour is based on a rigid
body separation of an rotationally symmetric solid. The failure surface is deﬁned by a function
r(x) in cylindrical coordinates where x denotes the depth. The shear strength is deﬁned in
terms of the normal and shear stresses acting on the failure surface which is calculated using
an empirical relationship for aggregate interlock (Walraven, 1981). Equations 2.36 through
2.43 represent empirical expressions for the shear stress τ and normal stress σ in a crack as
a function of the crack width w and the crack shear displacement Δ.
τ =
b
1 + 2a
w−1.35Δ for 0 ≤ τ ≤ 0.5 [N/mm2] (2.36)
τ = −a + bw−1.35Δ for 0.5 ≤ τ ≤ 10.0 [N/mm2] (2.37)
a = 0.5224 + 0.0260fc (2.38)
b = 0.9424 + 0.0635fc (2.39)
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σ = −0.5 + A (Δ + 0.05)
(0.5 + A)w + 0.05B
for 0 ≤ σ ≤ 0.5 [N/mm2] (2.40)
σ = −A + BΔ
w
for 0.5 ≤ σ ≤ 8.0 [N/mm2] (2.41)
A = 0.969 + 0.054fc (2.42)
B = 0.3786f0.65c (2.43)
where fc represents the uniaxial unconﬁned concrete compressive strength.
Fig. 2.17 shows the assumed punching shear failure surface with the shear crack displacements.
Figure 2.17: Punching shear failure criterion (from Yankelevsky & Leibowitz, 1995)
Equation 2.44 represents a diﬀerential axisymmetric surface element where dPr and dPσ de-
note the vertical component of the shear resultant and the normal stress resultant both of
which acting simultaneously on the inﬁnitesimal surface element dA. Making use of equa-
tions 2.44 through 2.48 and summation of all vertical contributions gives the punching shear
resistance which can be obtained from equation 2.49.
dA =
2π rx
cosα
dx (2.44)
dPr = τ dA cosα (2.45)
dPσ = σ dAsinα (2.46)
cosα =
1√
1 + (r′)2
(2.47)
sinα =
r
′√
1 + (r′)2
(2.48)
P = 2π
∫ (
τ − σr′
)
rx dx (2.49)
where r
′
= drx/dx, α is the angle enclosed by the vertical and the tangent to the generatrix
of the curved failure surface.
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The model further has no predeﬁned failure surface and equation 2.49 cannot be solved
directly. Instead, the geometry of the surface needs to satisfy a minimum requirement. This
minimum requirement yields the nonlinear diﬀerential equation 2.50 which can either be
solved numerically or by expressing the shape of the failure surface with a second order
polynomial function.
d
dx
dFx,r,r′
dr′
− dFx,r,r
′
dr
= 0 (2.50)
The model of Yankelevsky & Leibowitz (1995) is capable of:
• Computing the normal- and shear stress distribution along the failure surface
• Computing the variation of these stresses relating to the axial displacement
• Computing the load displacement diagram
• Predicting the ultimate punching force
However, this model also requires one additional boundary condition, which is the diameter
D of the failure surface at the tensile surface (see Fig. 2.17). Yankelevsky & Leibowitz (1995)
calibrated their model based on several punching shear tests and concluded that this diameter
should be obtained assuming an angle of θ = 60◦ measured from the central axis.
The model limits the application to cases where the contribution of ﬂexural reinforcement
can be neglected. The contribution of reinforcement would have to be considered in the
adopted stress-strain relationships, most typically from direct shear tests on reinforced spec-
imens ideally with varying reinforcement ratios. Furthermore, in the model discussed, the
reinforcement is considered to be smeared along the failure surface, which does not appear
realistic. Apart from that one must point out that the adopted constants in equations 2.38,
2.39 as well as equations 2.42 and 2.43 represent an accuracy which is unrealistic under ﬁeld
conditions.
2.4.4 Model after Menetrey (2002)
According to Menetrey (2002) three types of failure for reinforced concrete slabs supported
on columns can be identiﬁed:
• Flexural failure due to the formation of a yield line mechanism
• Punching failure with a conical plug perforating the slab above the column
• Bond failure which is characterized by a slip of reinforcement (mainly footings)
Menetrey (2002) performed concentric punching shear tests on octagonal slabs with ring- and
orthogonal reinforcement. The load displacement curves in Fig. 2.18 show the global response
of similar two way slabs with increasing reinforcement ratio. This illustrates the nature of
punching shear failure very clearly. Slab-9 and Slab-10 with a low reinforcement ratio show
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Figure 2.18: Typical load displacement curves for slabs with varying reinforcement ratios
ﬂexural behaviour which is mainly controlled by plasticity. Slab-11 and Slab-12 with a high
reinforcement ratio follow ﬂexural load paths and then experience abrupt brittle failure.
Menetrey (2002) developed a comprehensive failure criterion which combines punching- and
ﬂexural failure. Fig. 2.19 shows the punching shear crack and the geometrical properties
adopted in the analytical model.
Figure 2.19: Punching shear failure criterion (from Menetrey, 2002)
Equation 2.51 gives the ultimate failure load Ffail which is a function of the punching shear
related capacity Fpun and the ﬂexural capacity Fflex. In equation 2.51, α0 denotes the
inclination of the critical shear crack assuming pure punching failure.
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Assuming α0 = 30◦ leads to equation 2.52.
Ffail = Fpun + (Fflex − Fpun)
{
sin
[
π
π − 2α0 (α− α0)
]}
(2.51)
Ffail = Fpun + (Fflex − Fpun)
{
sin
[
3α
2
− 45◦
]}0.5
(2.52)
where α is the unknown inclination of the true shear crack which considers the inﬂuence of
bending action.
The ﬂexural failure load can be obtained from equation 2.53 which is based on a circular, fan
shaped, yield line mechanism around the column.
Fflex =
2πmpl
1− rs/re (2.53)
where rs denotes the radius of the column, re is the radius of the circular slab (i.e. radius
of contra ﬂexure in continuous ﬂat slab structures) and mpl is the ﬂexural plastic moment
capacity per unit length.
According to this model Fpun is the sum of all the contributions to the shear resistance which
can be computed with equations 2.54 through 2.56.
Fpun = Fct + Fdow + Fsw + Fp (2.54)
Fct = π (r1 + r2) sσv = π (r1 + r2) sf
2/3
t ξημ (2.55)
Fdow =
1
2
n∑
i=1
D2
√
fcfy (1− ζ2)sin (α) (2.56)
where Fct denotes the contribution of the tensile strength which arises from the integration
of the vertical component of the tensile stress along the conical failure surface (see Fig. 2.19),
Fdow represents the dowel action resistance of the reinforcement which depends on the number
n of bars crossing the failure surface and which further depends on the angle between the shear
crack and the reinforcement plane, fc and ft represent the uniaxial concrete compressive-
and tensile strength of the concrete, fy represents the yield strength of the reinforcement
and D represents the diameter of the ﬂexural reinforcement bar. The expressions Fsw and Fp
consider the contributions of shear reinforcement and tendons (i.e. pre-stressed slab) which
are consequently disregarded herein.
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The length of the critical shear crack s is deﬁned by equations 2.57 and 2.58 and can be
obtained from equation 2.59 (see Fig. 2.19).
r1 = rs +
d
10tanα
(2.57)
r2 = rs +
d
tanα
(2.58)
s =
√
(r2 − r1)2 + 0.9 d2 (2.59)
where d represents the eﬀective depth of the slab.
Fct again depends on the empirical coeﬃcient ξ (see equations 2.60 and 2.61) which takes
account of the reinforcement ratio ρ inﬂuencing the tensile strength. The empirical expression
η (see equations 2.62 and 2.63) accounts for the column size. In equation 2.64 μ accounts for
the size eﬀect where da is the maximum aggregate size. In equation 2.65 As represents the
cross sectional area of one ﬂexural reinforcement bar and σs expresses the tensile stress in
the reinforcement where the utilisation level of the yield strength is expressed by ζ.
ξ = −0.1ρ2 + 0.46ρ + 0.35 for ρ < 2% (2.60)
ξ = 0.87 for ρ ≥ 2% (2.61)
η = 0.1 (rs/h)
2 − rs/ (2h) + 1.25 for rs/h < 2.5 (2.62)
η = 0.625 for rs/h ≥ 2.5 (2.63)
μ = 1.6 (1 + d/da)
−1/2 (2.64)
σs =
Fpun
n∑
i=1
As tan (α)
(2.65)
ζ =
σs
fy
(2.66)
Equation 2.56 is coupled with equation 2.54 and the solution for Ffail requires an iterative
procedure for the unknown angle α. A numerical assessment of this model was undertaken
by Beutel (2002) who suggests that:
• The magnitude of the assumed concrete tensile strength governs the failure capacity
• The concrete compressive strength has almost no inﬂuence on the failure load
• A large size eﬀect could be shown when the proportion of the slab depth and column
diameter is constant.
2.4.5 Model after Theodorakopoulus & Swamy (2008)
Theodorakopoulus & Swamy (2002) developed a simpliﬁed concentric punching shear model.
According to their observations, punching shear is inﬂuenced by the following parameters:
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• Concrete strength
• Ratio of the column size to the eﬀective slab depth
• Ratio of shear resistance to ﬂexural resistance
• The column shape and lateral constraints
Punching is considered as a form of shearing and splitting without concrete crushing; failure is
thus assumed to occur in the compression zone above the inclined cracking when the limiting
shear stress equals the tensile splitting strength of concrete. The failure surface is assumed to
be a four-sided pyramid with an assumed angle of the shear plane of θ = 30◦ (see Fig. 2.20).
Figure 2.20: Schematic presentation of cracking (from Theodorakopoulus & Swamy, 2008)
According to their deﬁnition the expression ’shear strength’ in combination with punching
shear is an unqualiﬁed term as it can be anything between the tensile strength of concrete and
several times the compressive strength. The punching shear capacity can be obtained from
equation 2.67. This model requires the calculation of the harmonic mean compressive depth
X (equation 2.68) considering the ﬂexural compressive depth Xf and Xs from equation 2.69.
The ﬂexural compressive depth Xf can be obtained by means of a ﬁbre model considering
a parabolic stress-strain diagram for concrete and a multilinear stress-strain diagram for the
reinforcement. Both compression and tensile reinforcements need to be considered. Fig. 2.20
depicts the depth of the compression zone of the shear critical section Xs and the depth of
compression zone of the ﬂexural critical section Xf .
Vcalc =
bpXfct
tan (30◦)
(2.67)
X =
2XsXf
Xs + Xf
(2.68)
Xs = 0.25d (2.69)
fct = 0.27f2/3cu (2.70)
bp = 4r + 12d for square column (2.71)
bp = 4D + 12d for circular column (2.72)
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where r denotes the width of a square column, D denotes the diameter of a circular column, bp
is the critical perimeter which depends on the column shape, d represents the eﬀective depth
and fct represents the tensile strength of concrete which is based on the cube compressive
strength fcu.
For the reinforcement Theodorakopoulus & Swamy (2008) suggest that a hardening modulus
of 5 GPa is considered and that the stress in the ﬂexural reinforcement bars should be limited
to σs ≤ 1.2fy.
2.4.6 Model after Muttoni (2008)
Muttoni (2008) presented a method for the evaluation of concentric punching shear strength
which is named Critical Shear Crack Theory (CSCT). The CSCT is probably the most widely
accepted model for punching shear which has been incorporated into the CEB-FIB Model
Code (CEB-FIB, 1990) and also forms the basis for punching shear design in the Swiss code.
This theory is based on the assumption that the shear resistance is a function of the roughness
and the width of a critical shear crack. The width of the critical shear crack wc is related to
the rigid slab rotation ψ according to wc ∝ ψ · d. Based on these assumptions, the punching
resistance VR for concentric loading without shear reinforcement is given by equation 2.73.
VR =
3
4
· b0d
√
f ′c
1 +
15ψd
dg0 + dg
(2.73)
ψ = 1.5
rsfy
dEs
(
VR
Vflex
)3/2
(2.74)
Vflex =
4mr
rq
(
cosπ8 + sin
π
8
)− c · B
2 −Bc− c2/4
B − c (2.75)
where b0 is the control perimeter length at an oﬀset of d/2 from the column edges, d is the
eﬀective depth, f
′
c denotes the compressive strength, dg is the maximum aggregate size (which
accounts for the roughness across the crack) and dg0 is a reference aggregate size equal to
16mm. The ﬂexural capacity Vflex can be estimated by yield line analysis for a uniformly
reinforced slab where mr represents the plastic unit moment capacity of the slab. The length
and width of the slab are represented by B whereas c represents the column dimension, rs is
the distance from the column edge to the line of contra ﬂexure of bending moments, which
can be taken as 0.22l where l is the span of the ﬂoor slab. Under test conditions, rs is the
radial distance from the centre of the column to the edge supports, fy denotes the yield
strength of the reinforcement and Es is the Young’s modulus of the reinforcement.
An interesting aspect of the failure criterion (equation 2.73) is that the shear resistance
depends on the displacement at failure. The failure load is obtained by intersection of equation
2.73 with the load deﬂection curve of the slab (see Fig. 2.21).
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Figure 2.21: Punching shear capacity after Muttoni (2008)
The load-rotation relationship of the slab can be obtained numerically. Alternatively equation
2.74 can be used to calculate the ultimate ﬂexural capacity.
2.5 Code provisions
This section describes the provisions for punching shear in EC 2 (2004) and ACI 318 (2005).
Whilst guidance on the seismic design on ﬂat slabs is addressed to some extent in North
American provisions, EC 8 (2005) does not deal with such systems due to their perceived
vulnerability and behavioural complexity. In this section emphasis is put on slabs without
shear reinforcement as these are most relevant to the thesis. The code provisions presented
in this section include eccentric punching shear design approaches which will be subsequently
discussed in Section 2.6.
2.5.1 EC 2 (2004) approach
EC 2 (2004) gives a control perimeter oﬀset of twice the eﬀective depth (2 deff ) away from
the column face. In case of a rectangular column the control perimeter has rounded corners.
Fig. 2.22 shows the control perimeter for a circular and a rectangular column.
Figure 2.22: Control perimeters (from EC 2, 2004)
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Equation 2.76 gives the critical perimeter length u. The shear stress νEd along the critical
perimeter can be obtained from equations 2.77 and 2.78.
u = 2 (c1 + c2) + 4πdeff (2.76)
νEd =
1
deff
(
VEd
u
+
kMEd
W1
)
(2.77)
W1 =
∫ u
0
|e| dl (2.78)
where VEd and MEd represent the gravity load and external bending moment respectively,
W1 represents the ﬁrst area moment of the perimeter around the column centre, e represents
the eccentricity coordinate of any arbitrary point along the perimeter and dl denotes an
inﬁnitesimal length of the perimeter. The shape factor k deﬁnes the proportion of the out of
balance moment which is transferred into the column through shear. The factor k depends
on the aspect ratio of the column. This factor considers additional torsional induced shear
stresses alongside the perimeter which increase with increasing aspect ratio.
Fig. 2.23 shows the assumed shear stress distribution along the critical perimeter for uniaxial
bending moment loading. This shows that the bending moment induced νEd stress distribu-
tion according to equation 2.77 is constant. In other words, a plastic shear stress distribution
along the control perimeter is assumed.
Figure 2.23: Shear stress distribution (from EC 2, 2004)
The punching shear strength νRd,c (ignoring axial forces in the slab) can be calculated with
equations 2.79 through 2.81 as follows:
νRd,c = CRd,c · κ (100ρlfck)1/3 (2.79)
κ = 1 +
√
200
deff
≤ 2.0 (2.80)
ρl =
√
ρly · ρlz ≤ 0.02 (2.81)
where fck is the characteristic unconﬁned uniaxial cylinder strength and CRd,c value is an
empirical constant which has been obtained by statistical evaluation of punching shear tests
without shear reinforcement. This constant basically yields 0.12 but has been adopted as
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0.18/γc in order to comply with the semi probabilistic philosophy in EC2. Factor κ represents
a size eﬀect law according to equation 2.80. The expression ρl is the geometric mean of the
orthogonal tensile reinforcement ratio which should be evaluated at a width of 3deff at each
side of the column.
The punching shear strength is obtained from equation 2.79 where the punching shear stress
νEd is limited to νRd,max along the perimeter of the column or the loaded area. Punching
shear reinforcement is required if νEd > νRd,c.
2.5.2 ACI 318 (2005) approach
The ACI building code (ACI 318, 2005) assumes a linear elastic shear stress distribution
along the deﬁned control perimeter. The control perimeter is considered to be a rectangle
with an oﬀset of d/2 from the column faces. Fig. 2.24 shows the control perimeter and the
assumed shear stress distribution under combined uniaxial loading conditions.
Figure 2.24: Control perimeter and shear stress distribution (from ACI 318, 2005)
It can be assumed that the gravity load Vu and a fraction of the lateral bending moment
γνMu are resisted by shear stresses acting along the perimeter. The remainder Mu (1− γν)
is resisted by direct ﬂexure in the column vicinity within a speciﬁed width. The punching
shear strength ν is a function of the uniaxial concrete compressive strength f
′
c according to
equation 2.82.
ν =
1
3
√
f ′c (2.82)
For a biaxially loaded column, the prevalent shear stress νperi can be obtained by equations
2.83 through 2.87.
νu =
Vu
Ac
+
γνxMνx
Jx
y +
γνyMνy
Jy
x (2.83)
Jx = d
(
l3y
6
+
lxl
2
y
2
)
+
lyd
3
6
(2.84)
Jy = d
(
l3x
6
+
lyl
2
x
2
)
+
lxd
3
6
(2.85)
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γνx = 1− 1
1 + (2/3)
√
lx/ly
(2.86)
γνy = 1− 1
1 + (2/3)
√
ly/lx
(2.87)
where the variable Vu denotes the gravity load and Ac = b0d denotes the area of the assumed
failure surface, b0 represents the perimeter length, Jx and Jy are the second moments of area
of the control perimeter, x and y are the cartesian coordinates from the axis of bending to
any arbitrary point along the control perimeter where the maximum shear stress is found in
the point furthest away from the origin. The variables lx and ly are the side dimensions of
the control perimeter in the assigned directions and γνx and γνx are the moment fractions as
described previously.
ACI-ASCE (2010) and ACI 318 (2005) provide the most authoritative design guidance for
the seismic design of punching shear reinforcement in ﬂat plates. In a seismic event, ﬂat
plates will experience the same lateral displacements as the lateral force resisting system
and they should be able to withstand these drift ratios without losing their capability to
support gravity loads. The ACI building code provides design recommendations for ﬂat plate
column frames which are then considered adequate to serve as lateral force resisting systems
in regions of low and moderate seismic risk.
The drift ratio (DR) of a ﬂat slab structure is deﬁned as the relative displacement of two
subsequent storeys divided by the storey height. According to ACI-ASCE (2010) the DR
depends on the utilisation level of the concentric punching shear capacity Vc according to
equation 2.88.
Vc =
b0d
√
f ′c
3
(2.88)
where b0 is the control perimeter length, d is the eﬀective depth and f
′
c is the concrete
compressive strength.
The DR of a column-to ﬂat slab connection detail are given by inequalities 2.89 through 2.91.
Vg/ΦVc ≤ 0.4 then DR ≤ 1.5 (2.89)
Vg/ΦVc ≤ 0.6 then DR = 3.5− 5Vg/ΦVc (2.90)
Vg/ΦVc > 0.6 then DR = 0.5 (2.91)
where Vg denotes the gravity load level and Φ = 0.75 represents a factor of safety.
This means that a ﬂat slab without shear reinforcement can withstand a drift ratio of DR =
1.5% given that the gravity shear ratio satisﬁes the inequality 2.89. If a ﬂat slab connection
does not satisfy inequality 2.89 and/or shear stresses due to combined loading are greater
than equation 2.82 then the provision of shear reinforcement is required.
In the design of multy storey ﬂat slab structures the estimation of the lateral post crack
stiﬀness is essential. According to ACI 318 (2005) the lateral stiﬀness of a slab-to column
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connection can be estimated by beam analogy with an eﬀective beam width (see equation
2.92). The eﬀective beam width can then be used to calculate the eﬀective inertia moment
Ie according to equation 2.93.
beff = c2 + 3h (2.92)
Ie =
(
Mcr
Ma
)3
Ig +
[
1−
(
Mcr
Ma
)3]
Icr (2.93)
where h denotes the slab depth, c2 is the column width perpendicular to the lateral loading
direction, Ma represents the maximum applied moment, Mcr denotes the cracking moment,
Ig represents the gross moment of inertia and Icr represents the cracked moment of inertia.
2.6 Eccentric punching shear
2.6.1 General
The failure mechanism of an eccentrically loaded column-to-slab connection can be substan-
tially diﬀerent to concentric punching failure. The behaviour of such a connection is strongly
inﬂuenced by the loading eccentricity.
Hawkins et al. (1989) conducted monotonic lateral loading tests on 3/4 scale slabs. The
tested slabs measured 2100x2100mm with a slab depth of 114mm and 153mm respectively.
The column size was 305x305mm. Lateral and vertical load was applied on top of the column
stub simultaneously with constant eccentricities. Two diﬀerent types of M/V ratios have
been used:
• Test series L with low eccentricity of M/V = 129mm
• Test series H with high eccentricity of M/V = 584mm
All the specimens, except those with adequate shear reinforcement failed in punching adjacent
to the front column face. Slabs loaded with low eccentricities behaved similarly to slabs loaded
in shear only. Punching spread almost immediately and completely around the column. At
high eccentricity loadings, rigid body rotations dominated. Punching spread to the front half
of the side faces but not to the back face. Specimens with H loadings did not fail abruptly
in comparison to those with L loadings. However, for both loadings, the suddenness of the
failure increased with increasing ﬂexural reinforcement ratios. The ﬁndings of Hawkins et al.
(1989) can be summarised as follows:
• Reinforcement ratio: Stiﬀness increased and ductility decreased with increasing rein-
forcement. Greater ductility was observed for H loading than for L loading
• Slab depth: Decrease in ductility with increasing shear eﬀects
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• Concrete strength: Stiﬀness and ductility increased with increasing concrete strength.
Overall, however, the use of high-strength concrete caused no fundamental change in
behaviour.
• Column aspect ratio: Aspect ratios of 0.5 ≤ c1/c2 ≤ 1.0 showed little diﬀerence in
response, but showed a signiﬁcant decrease in ductility for ratios of 2.0 ≤ c1/c2 ≤ 3.0.
• The shear strength of the six specimens with low reinforcement ratios of ρ = 0.73% or
less failed at lower strengths than predicted by the ACI 318-83 code. These specimens
developed large deﬂections before punching.
• The rotational stiﬀness of connections decreases continuously with increasing load. The
ACI 318 (2005) equivalent beam-width procedure gives realistic values for the rotational
stiﬀness of connections that are essentially uncracked in tension or shear. In connections
cracked in torsion or shear, rotational stiﬀnesses are directly proportional to the amount
of reinforcement within lines that are 2h either side of the column.
Krueger et al. (1998) carried out tests on 2700x2700mm square reinforced concrete slabs
with a slab depth of 150mm. Reinforced concrete columns of size 300x300mm were used.
The slabs were supported on a rigid frame around their perimeter. Lateral and vertical loads
were applied simultaneously with three diﬀerent constant eccentricities of e1 = 0, e2 = 160mm
and e3 = 320mm.
They found that crack initiation occurred in all the slabs at the same load level, irrespective
of the eccentricity. The eccentricity has a strong inﬂuence on the ultimate load. Comparison
of the failure loads showed that the capacity decreased with increasing eccentricity according
to Ve2/Ve1 = 0.78 and Ve3/Ve1 = 0.64. All the slabs without shear reinforcement failed in
a brittle manner with a sudden loss of capacity. It appeared that an increase of eccentric-
ity decreased the brittleness. Punching reinforcement, however, signiﬁcantly increased the
ductility resulting in much larger drift ratios at failure.
2.6.2 Modelling approaches
All the concentric punching shear models described previously take advantage of axisymmetry.
Coexisting unbalanced bending moments, however, cause the loss of axisymmetry which
makes the development of analytical failure models a demanding task. Strictly speaking
axisymmetry is violated for many reinforcement conﬁgurations (e.g. concentration of banded
orthogonal reinforcement at the column, shear reinforcement, cruciform type shear heads
etc.), even for concentric punching.
As already mentioned in Section 2.5 one well-established and practical way to overcome this
obstacle is to assume a failure perimeter. The size and shape of the perimeter depends on
the column size, column shape, slab depth as well as type and size of shear reinforcement.
The areas within and outside the control perimeter are assumed to behave rigidly with the
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stresses along the interface in equilibrium with the external loads. Stresses are assumed to
only act in plane of the interface where the assumed distribution of the shear stresses along
the perimeter diﬀers between the building code provisions.
It needs to be stressed that this method is a considerable simpliﬁcation of the real situation
and sensitive to the correct choice of the failure perimeter. One of the reasons is that com-
patibility conditions which are usually associated with a set of possible collapse mechanisms
are not considered here.
Adel & Ghali (1996) carried out linear elastic ﬁnite element analysis on external and internal
slab to column connections. They concluded that the third order terms in equations 2.84
and 2.85 (see Subsection 2.5.2) which are responsible for the contribution of horizontal shear
stresses should be removed as they cause ambiguity.
They found that the gravity load and moment resultants are generally 3% lower than the
exact solution without the terms containing d3 and can therefore be ignored. It was concluded
however that the code assumptions of a linear stress distribution and the partition of shear
and ﬂexure are practical and conservative. The coeﬃcients γνx and γνx following equations
2.86 and 2.87 are only valid if adopted for the critical perimeter at d/2 around the column.
For other perimeters which may arise due to the adoption of shear reinforcement or at corner
columns, these equations are invalid. To complete this lack of information, Adel & Ghali
(1996) have provided γnu coeﬃcients for other, more practical, control perimeters.
In an attempt to study the inﬂuence of torsion and direct ﬂexure resistance mechanisms,
Farhey et al. (1992) numerically investigated isolated column-to-ﬂat slab connections. Their
models included column face slots to isolate the eﬀects of torsion, as well as column side slots
to isolate the ﬂexural behaviour. They found that attempts to get more detailed insight into
the behaviour (by introduction of slots between the column and the slab) to be erroneous and
misleading. It turned out that the capacities of the isolated mechanisms are not additive and
that the participating mechanisms in reality are strongly coupled. From that they inferred
that beam analogies and equivalent beam methods ignore planar plate behaviour. They
concluded that existing predictions of equivalent beam widths seemed to be unrealistic.
Park & Choi (2006) identiﬁed diﬃculties in predicting the eccentric shear stress distribution
along the control perimeter. They conducted nonlinear ﬁnite element analysis on internal
slab-to-column connections and showed that the numerical shear stress distribution was dif-
ferent from the one assumed in ACI 318 (2005). This discrepancy arises from inconsistencies
in the design code. The direct shear stresses are evaluated for the punching shear control
perimeter, whereas the portion of direct ﬂexure is evaluated for the equivalent beam width,
which is not the same.
Park & Choi (2006) determined that the shear stresses along the sides of the control perimeter
are much larger owing to torsional moment action. Fig. 2.25 depicts the shear stress distri-
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bution along a rectangular control perimeter, which shows that the eccentric shear stresses
at the sides are much greater than those along the front and back faces.
Figure 2.25: Distribution of eccentric shear stress along unrolled control perimeter
On occasion, the moments arising from direct shear at the sides as well as torsion exceeded
the moment portions that were arising from ﬂexure at the front-back sides. In addition,
a signiﬁcant stress redistribution to the back side of the control perimeter was observed,
after the front side reached its maximum; emphasising the strong nonlinear behaviour of this
connection type. The following was concluded:
• The ratio of the moment transferred by eccentric shear to the total unbalanced moment,
γν ranges between 0.6-0.8, which is greater than γν = 0.4 speciﬁed in ACI 318 (ACI
318, 2005)
• To accurately predict the eccentric shear strength, the interaction between the eccentric
shear strength and the ﬂexural moment coexisting in the critical section should be
considered.
• The eccentric shear strength along the front and the back faces of the control perimeter
is about νc = 0.33
√
fc [MPa] which is the same as used in ACI 318 (2005). On the other
hand, the shear strength at the sides providing the torsional resistance is νus = 1.15
√
fc
[MPa]
Ma & Lu (1997) proposed an analytical failure model for eccentric punching which consid-
ered unbalanced moment punching shear interaction for square columns. In their study,
punching shear and moment resistance were treated as uncoupled phenomena which were
eventually superimposed, following a linear superposition theory. The envelope in a moment-
gravity-load-interaction diagram must be convex because of satisfaction of the ﬁrst law of
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thermodynamics. Furthermore, a linear relationship satisﬁes the minimum requirement. The
punching shear model is based on plasticity theory, where an axisymmetric parabolic Mohr-
Coulomb failure criterion is adopted. The punching shear cone and the slab are assumed to
be rigid.
Furthermore, the thickness of the failure surface is assumed to be inﬁnitesimal and plane strain
conditions are assumed in the plastic region. Application of the principle of virtual work leads
to the concentric punching shear capacity Vu given in equation 2.94. The ultimate bending
capacity Mu under zero gravity load (Vu = 0) can be obtained from equation 2.95. The
bending moment capacity was obtained by yield line theory assuming opposing (asymmetric)
fans forming from the corners of the column. Equation 2.96 represents the M-V interactive
failure criterion for the colum-to-ﬂat slab connection.
Vu = (K + 1)μtftumh0 (2.94)
Mu = 7.92
(
m
′
u + mu
)
c (2.95)
M
7.92 (m′u + mu) c
+
V
(K + 1)μtftumh0
= 1 (2.96)
K =
1
4
[
m + 2
(
1−√m + 1)] (2.97)
m =
μcfc
μtft
(2.98)
um = 4c + πh0 (2.99)
where V represents the gravity load, M represents the external bending moment, fc denotes
the uniaxial compressive strength, ft is the tensile strength of concrete, μc, μt are eﬀectiveness
factors for the compressive and tensile strengths which can be estimated as 0.35. The variables
m
′
u, mu are the positive and negative plastic moments of the slab-per-unit length, c is the
side length of the square column and h0 denotes the oﬀset of the control perimeter, (which
is in shape similar to that assumed in EC 2 (2004)) from the column face.
After comparison with test data from the literature, they found that the factor 7.92 which
strictly satisﬁes yield line theory, overestimates the capacity as in most tests yielding of
reinforcement did not occur. Thus, the factor was reduced to 6.89 by calibration against
test data. According to Ma & Lu (1997) the proposed model gives good predictions of the
investigated slabs. A drawback of this method is that the reduction of the coeﬃcient violates
the principle of the yield line theory, by assuming full plastiﬁcation. This raises the question
whether the general application of yield line theory for slab-column connections under pure
lateral loading is justiﬁed in all cases.
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2.7 Cyclic loading conditions
This section contains a review of tests performed to investigate column-to-ﬂat slab connections
under cyclic loading conditions which is shown to have an adverse eﬀect on the punching shear
capacity.
Tian et al. (2008) conducted cyclic loading tests on reinforced concrete column-to-ﬂat slab
connections without punching shear reinforcement. The specimens measured 4267x4267mm
and had a slab depth of 152mm. The column size was 406x406mm. They realised that the
exhaustion of the local deformation capacity in vicinity of the column led to punching failure
of the connection. Failure occurred at a column drift ratio of 1.6%. They showed that the
limiting column drift should be related to the gravity load level as suggested by ACI 318
(2005) (see equations 2.89 through 2.91).
Megally & Ghali (2000) investigated design requirements for earthquake resistant slab-to-
column connections. They demonstrated that even though the provision of drop panels and
shear capitals increased the punching shear capacity under monotonic conditions, it failed to
do so under seismic conditions. A local increase in slab depth does not increase the ductility
of the connection. Furthermore, under load reversals the orientation of the dominant shear
cracks in the shear capital may reverse, leading to a smaller failure perimeter. The authors
suggested that ﬂat slabs should be designed to withstand a drift ratio of DR=1.5% without
failure. Additionally, ﬂat slabs in seismic areas should be provided with a primary lateral
force resisting system.
Robertson et al. (2002) conducted cyclic loading tests on half scale slabs. The slabs measured
3000x3000mm and had a slab depth of 115mm. The reinforced concrete column measured
250x250mm. The diﬀerence in the performance of slabs with and without shear reinforcement
(i.e. open and closed stirrups as well as headed stud reinforcement) was investigated.
It was reported that with the application of lateral load, additional ﬂexural cracks formed
perpendicularly to the loading direction across the entire width of the slab. In addition,
diagonal torsional cracks appeared adjacent to the side faces of the column. The control
specimen failed in punching shear without warning. Shear reinforcement generally improved
the performance of the connection in terms of both the ductility and the capacity. Capacity
was increased by 22% when compared to the control specimen, and drift ratios of 8% were
achieved. Fig. 2.26 depicts the hysteretic loops of a cyclically loaded control slab without
punching shear reinforcement which eventually failed in punching.
Kang & Wallace (2008) performed cyclic loading tests on two-thirds scale slabs. The slabs
measured 2895x2895mm with a slab depth of 152mm. The column dimensions were 254x254mm.
They investigated the performance of thin plate stirrups used as punching shear reinforce-
ment, which they claimed to be more beneﬁcial for easier installation. Again, the control
specimen without shear reinforcement failed at DR=1.85% in punching. The thin plate
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Figure 2.26: Hysteretic response (from Robertson et al., 2002)
stirrup of reinforced specimens showed a major improvement, as the column drift could be
increased to 5%, and the energy dissipation could be increased three times.
Pan & Moehle (1992) conducted cyclic biaxial loading tests on 60% scale specimens without
shear reinforcement. They ascertained that biaxial loading reduced the lateral stiﬀness,
strength and available drift capacity. The magnitude of gravity load shear carried by the slab
is a primary variable which aﬀects the lateral behaviour of reinforced concrete ﬂat slabs. The
actual lateral interstorey drifts should not exceed 1.5%. The shear stress caused by gravity
load should not exceed 1.5
√
f ′c [psi]. Continuous bottom reinforcement directly over the
columns proved to prevent progressive collapse as it maintained some residual strength after
failure. The authors determined that, for the evaluation of the moment transfer capacity, the
ACI eccentric shear stress model was conservative.
Inferring from Subsection 2.6.2 and from cyclic test data reported in this section it is clear
that lateral loading causes cracks to appear perpendicular to the loading direction. These
cracks lower the lateral stiﬀness as a matter of degradation eﬀects that arise due to lateral
load reversals. For design purposes, it is crucial to take into account the eﬀect of cracking
when estimating the lateral stiﬀness of slab-to-column connections. This is commonly done
using the Eﬀective Beam Width Model (EBWM) which is discussed in Subsection 2.5.2.
Han et al. (2009) note that the stiﬀness reduction considered by Ie in equation 2.93 requires
the reinforcement ratio which usually is not known at the initial design stage. In their study
which was based on the test results of ﬂat plate slab-to-column connections and ﬂat plate
frames, a stiﬀness reduction factor based on nonlinear regression was developed. Equations
2.100 and 2.101 represent the eﬀective beam width that was used. Equation 2.102 represents
the stiﬀness reduction factor β which depends on the level of the applied moment Ma which
has been normalised by the cracking moment Mcr.
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beff = αil2 (2.100)
αi =
(
5
c1
l2
+
l1
4l2
)
1
1− ν2 (2.101)
β = 0.4 + 0.32
[(
Ma
Mcr
)−0.5
−
(
Ma
Mcr
)0.5]
(2.102)
where c1 and l1 are the column dimension and the slab span in loading direction respectively;
l2 is the span in the other direction and ν is the Poisson’s ratio.
Robertson & Johnson (2006) performed six cyclic tests on half scale slabs under combined
loading. The rectangular slabs measured 3048x2743mm with a slab depth of 114mm. The
column measured 254x254mm in cross section. The eﬀects of diﬀerent reinforcement ratios
and diﬀerent gravity load levels on the hysteretic behaviour were investigated. They found
that as the gravity-shear-ratio Vg/Vc was increased the maximum drift level decreased.
Furthermore, slabs with higher ﬂexural reinforcement ratios clearly oﬀered a higher capacity,
but, on the other hand, featured much higher degradation eﬀects as the slabs failed in punch-
ing after fewer cycles. The hysteretic responses revealed that in some cases punching shear
occurred well after the ﬂexural capacity of the slab was reached. Extensive cracking during
ﬂexural concrete deterioration led to punching shear failure at gravity load levels lower than
that provided by equation 2.83.
Back analysis of the moment directly transferred by ﬂexure showed that the eﬀective width
given by equation 2.92 is underestimated. Instead the authors suggested an eﬀective width
of beff = c2 + 5h and the usage of an increased yield strength fy−eff = 1.25fy. Evaluation
of the drift ratios of their own tests and additional tests from the literature showed that the
bi-linear drift limitations represented by equations 2.90 and 2.91 underestimate drift ratios at
low Vg/Vc ratios. Instead they suggested a tri-linear limitation according to equations 2.103
through 2.105 where this equations are in [psi] units.
Vg/ΦVc ≤ 0.15 then DR = ∞ (2.103)
0.15 ≤ Vg/ΦVc ≤ 0.4 then DR = 5.8− 12Vg/ΦVc (2.104)
Vg/ΦVc > 0.4 then DR = 1.67− 1.67Vg/ΦVc (2.105)
Durrani et al. (1995) investigated the punching strength, moment-transfer capacity and drift
capacity of interior and exterior connections under earthquake type loading. Cyclic tests
on two-bay slab-column connections were conducted. The sub-assemblage consisted of a
concrete slab strip which measured 2x2895mm in length and 1981mm in width. The slab
was supported by two external and one internal column with the dimensions 254x254mm.
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The gravity load was uniformly distributed on the slab where two diﬀerent gravity load levels
9.58kN/m2 and 11.97kN/m2 were applied.
The severely pinched hysteretic loops indicate rapid loss of stiﬀness and a low energy dissipa-
tion capability of the connection. Energy was mainly dissipated by steel yielding and ﬂexural
concrete fracture. Some dissipation could be attributed to slippage of reinforcement, local
crushing of concrete and friction along the crack planes.
They also found that the performance of the connections was signiﬁcantly inﬂuenced by the
gravity shear level. Approximately 50% of the initial stiﬀness was lost during the ﬁrst 1% drift,
and an additional 20% was lost when 2% drift were reached. Durrani et al. (1995) conﬁrmed
that the actual punching capacity was overestimated by equation 2.83 under cyclic conditions.
When the gravity shear ratio is high, the moment is transferred through a narrower eﬀective
width and a higher percentage of moment is transferred by direct shear.
They suggested to modify the moment-transfer factor γν according to equations 2.106 and
2.107 but to follow the ACI propositions otherwise. Furthermore they suggested a formulation
which related the punching shear strength to the lateral storey drift Δ and which they
found predicted the test data more accurately. Equation 2.108 yields the static capacity of
νc = 4
√
f ′c which linearly reduced according to the drift ratio.
Vg
b0d
√
f ′c
≤ 1.0 then γν = 0.7 (2.106)
Vg
b0d
√
f ′c
> 1.0 then γν = 0.6 (2.107)
νc = (4− 0.25Δ)
√
f ′c (2.108)
where the compressive strength is in [psi] and Δ is the interstorey drift in [%].
2.8 Evaluation of design methods for concentric punching
In this section 25 slabs tested by Kinnunen & Nylander (1960), Guandalini et al. (2009) and
Marzouk et al. (2002) are used to assess four conceptionally diﬀerent concentric punching
shear models. For this reason the speciﬁc models of Kinnunen & Nylander (1960), Guandalini
et al. (2009), Marzouk et al. (2002) and Menetrey (2002) have been chosen. Additionally both
EC 2 (2004) and ACI 318 (2005) will be compared. Table 2.1 gives the geometric and material
properties of the tested slabs. In this table G represents Guandalini et al. (2009), K represents
Kinnunen & Nylander (1960), M represents Marzouk et al. (2002), h denotes the slab depth,
d denotes the eﬀective depth, c denotes the column size, b is the slab size, ρ = 100As/bd
denotes the reinforcement ratio, fc represents the cylinder strength and fy represents the
yield strength.
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no. Author Specimen h d c b ρ fc fy
- - - [mm] [mm] [mm] [mm] [%] [MPa] [MPa]
1 G PG1 250 210 260 3000 1.50 27.6 573
2 G PG2b 250 210 260 3000 0.25 40.5 552
3 G PG3 500 456 520 5700 0.33 32.4 520
4 G PG4 250 210 260 3000 0.25 32.2 541
5 G PG5 250 210 260 3000 0.33 29.3 555
6 G PG6 125 96 130 1500 1.50 34.7 526
7 G PG7 125 100 130 1500 0.75 34.7 550
8 G PG8 125 117 130 1500 0.28 34.7 525
9 G PG9 125 117 130 1500 0.22 34.7 525
10 G PG10 250 210 260 3000 0.33 28.5 577
11 G PG11 250 210 260 3000 0.75 31.5 570
12 K S5 149 117 150 1840 0.80 28.5 441
13 K S6 151 118 150 1840 0.79 27.8 454
14 K S24 158 128 150 1840 1.01 28.0 451
15 K S25 154 124 150 1840 1.04 26.7 448
16 K S32 155 123 150 1840 0.49 28.0 462
17 K S33 156 125 150 1840 0.48 28.3 500
18 M H7 120 95 150 1700 1.20 74.0 490
19 M H3 120 95 150 1700 1.50 69.0 490
20 M H4 120 90 150 1700 2.40 66.0 420
21 M H10 150 120 150 1700 2.30 80.0 420
22 M H11 90 70 150 1700 1.00 70.0 490
23 M H12 90 70 150 1700 1.50 75.0 490
24 M H13 90 70 150 1700 2.00 68.0 490
25 M H14 120 95 220 1700 1.50 72.0 490
Table 2.1: Material and geometrical properties of slabs failed in punching
Table 2.2 gives the measured and predicted punching shear loads of the investigated slabs. In
terms of design applications, the models of Kinnunen & Nylander (1960) and Guandalini et al.
(2009) require the outer perimeter of the specimen. Guandalini et al. (2009) and Menetrey
(2002) require the maximum aggregate size which has a considerable impact on the results.
Furthermore, Menetrey (2002) needs the exact reinforcement layout (i.e. bar diameter and
spacings) for the contribution of dowel action. All these additional parameters are often
diﬃcult to obtain in a ﬂat slab design situation. In this sense, the design code provisions are
most practical in application.
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no Vtest VK VG VM VT VEC2 VACI
- [kN ] [kN ] [kN ] [kN ] [kN ] [kN ] [kN ]
1 1023 970 839 1048 1135 951 691
2 440 416 474 414 532 594 837
3 2153 2337 1884 1531 2421 2348 3378
4 408 396 378 238 524 551 747
5 550 474 424 268 512 585 712
6 238 211 237 283 249 223 170
7 241 173 208 196 208 190 181
8 140 136 180 144 166 179 227
9 115 113 161 138 125 165 227
10 540 478 496 409 522 580 703
11 763 755 720 670 887 788 739
12 255 220 278 286 248 247 222
13 275 224 278 288 253 248 222
14 430 302 341 385 319 310 251
15 408 278 321 369 298 292 234
16 258 189 253 240 219 227 237
17 258 200 261 246 224 233 244
18 356 234 281 318 265 274 267
19 356 252 298 363 292 288 258
20 418 270 309 393 307 303 234
21 645 597 587 840 508 518 386
22 496 114 157 184 146 154 172
23 258 142 189 233 177 180 178
24 267 153 202 271 203 192 169
25 498 352 368 409 334 338 339
Table 2.2: Measured and predicted punching shear failure loads
Fig. 2.27 shows the normalised predictions of the four punching shear models. The signiﬁcant
deviation of slab no.22 is probably due to erroneous test data. The data shows that despite
of a few ratios smaller than 1 the predictions are mainly conservative. The most accurate
prediction in terms of standard deviation was found to be the method after Muttoni (2008),
and the least accurate was the method of Kinnunen & Nylander (1960). All the models except
that of Menetrey (2002) showed large deviations when high strength concrete was employed.
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Figure 2.27: Relative punching shear capacities Vtest/Vpred. of punching shear models
Fig. 2.28 depicts the normalised predictions of the two code provisions. An alarming overpre-
diction of slabs with low reinforcement ratios (i.e. 0.22% ≤ ρ ≤ 0.33%) was found inherent
in both code provisions, where the ACI-code showed the highest overestimation (Slab no. 9
Vtest/Vpred. = 0.51). The punching shear models, on the other hand, were less problematic
because the inﬂuence of ﬂexural behaviour was considered.
Figure 2.28: Relative punching shear capacities Vtest/Vpred. of building codes
Finally, it could be discerned that the accuracy of the EC 2 (2004) in predicting the punching
shear strength was comparable to the accuracy of most of the analytical punching shear
models. Table 2.3 gives the arithmetic mean and the standard deviation of the examined
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model and code predictions excluding slab No.22.
Model/Code x¯ σx
- [1] [1]
G 1.12 0.30
T 1.12 0.32
M 1.12 0.37
K 1.27 0.41
EC2 1.11 0.33
ACI 1.18 0.49
Table 2.3: Statistical evaluation of model and code predictions
In Table 2.3, x¯ represents the arithmetic mean according to equation 2.109 and σx represents
the standard deviation according to equation 2.110 as follows:
x¯ =
∑
xi
n
(2.109)
σx =
√∑
(xi − 1)2
n
(2.110)
where xi is the normalised capacity based on n=24.
2.9 Concluding remarks
In this chapter a brief overview of the punching failure process was given, which demonstrates
the complexity of this multi stage failure mode. In the author’s opinion punching shear in
slabs without shear reinforcement bears close similarities to tensile splitting failure. The
presence of shear stress concentrations (i.e. shear ﬂow distributions) when converted into
principal stresses, are causing tensile stress concentrations which are actually initiating and
progressing failure. Furthermore, it was shown that owing to fracture mechanical inﬂuences
the nominal shear strength of diﬀerent slab depths is size-dependent. This means that the
nominal shear strength decreases with increasing slab depth. Furthermore, it was shown
that the punching shear capacity of slabs without shear reinforcement is also inﬂuenced by
the concrete strength (both tensile and compressive), the ﬂexural reinforcement ratio and
aggregate interlock eﬀects.
Subsequently, code provisions and analytical models for predicting concentric punching shear
were presented. It appears that the assumptions of a cone shaped displacement ﬁeld has
led to a multitude of analytical models with high accuracy in the prediction of concentric
punching shear capacities. This accuracy can be assigned to both the consideration of the
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reinforcement ratio (ﬂexural behaviour) and the size eﬀect. However, although the majority
of existing closed-form solutions provide insight into the failure process, they are complex
and hardly applicable for a practical design procedure. In this respect the predictions of
punching strength according to EC 2 (2004) for most cases are both practical and suﬃciently
accurate.
It was shown that lateral moment action lowers the punching shear capacity of slabs, and that
the latter depends on the moment shear ratio. Unbalanced moment loads induce bending
moment concentrations in the front of the column and torsional bending at the sides. Both
of these actions increase the stress levels around the column. In order to increase the lateral
drift capacity by simultaneously preventing punching shear, shear reinforcement needs to be
provided.
Cyclic lateral loading, which may arise from seismic excitation, had an alarming inﬂuence
on the punching shear behaviour of column-to-slab connections. Large scale tests revealed
that slabs without additional shear reinforcement are prone to fail in punching at gravity
load levels below the static punching shear capacity. Some slabs failed in punching well
after the ﬂexural limit of the connection was reached. Drop panels or shear capitals are
ineﬀective in increasing the capacity and ductility under cyclic loading conditions. The
hysteretic responses of all tested column-to-slab connections was poor, and they were largely
not suitable for dissipative seismic design. Even the punching shear reinforced details showed
an unstable hysteretic response with a strong softening behaviour. Owing to concrete strength
degradation, these pinching eﬀects signiﬁcantly reduced the energy absorption capabilities of
the connection detail.
The literature review conducted emphasises the need for research and development of reliable
column-to-ﬂat slab connections which have the capability to reliably avoid punching shear
failure and concrete strength degradation especially under cyclic loading conditions.
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Chapter 3
Shearhead systems
3.1 General
With the development of high rise buildings in the United States in the early 20th century, the
adoption of steel columns (e.g. H-sections) became popular. This initiated the development of
adequate connection details for reinforced concrete slabs. Kahn (1909) patented a cruciform
type shearhead which was riveted to the column and fully cast in the ﬂoor slab between the
reinforcement layers (see Fig. 3.1 and 3.2). This shows that the problem of how to connect
a steel column to a reinforced concrete ﬂat slab is at least 100 years old. From these early
stages until now many diﬀerent details have been created.
Figure 3.1: Plan view and section of shearhead patent by Kahn (from Kahn, 1909)
Figure 3.2: Detail of shearhead patent by Kahn (from Kahn, 1909)
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Similarly, the use of tubular columns for reinforced ﬂat slabs renders conventionally reinforced
connection details inappropriate. Mechanical interlock between the column and the slab, as
is apparent in reinforced concrete columns, is absent in a tubular column sub-assemblage.
Furthermore discontinuous reinforcement inhibits an eﬃcient force transfer.
This issue can be naturally overcome by the adoption of a shearhead. To date, shearheads
have mainly been used in North American practice in combination with highly loaded rein-
forced concrete slabs where the capacity of conventional shear reinforcement was exceeded.
The use of shearheads increases the punching resistance and reduces the hogging moments
that need to be resisted by ﬂexural reinforcement at the support. Additionally shearheads
allow openings to be provided close to the columns without signiﬁcantly reducing the punching
shear strength. The use of tubular columns in conjunction with shearheads for ﬂat slabs may
become a cost eﬃcient alternative.
This chapter describes a number of existing shearhead systems (see Fig. 3.3) and discusses
their performance under gravity and, where applicable, lateral loading. Design procedures for
shearheads are also reviewed. The chapter concludes with a discussion of the principles that
should be adopted for the design of shearheads in seismic zones. These principles underly
the novel shearhead which forms the basis of this thesis.
Figure 3.3: (a),(b) open cruciform types; (c),(d) closed cruciform types; (e) Tobler Walm; (f)
Geilinger mushroom; (g) Composite cruciform
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3.2 Cruciform type shearheads
The most basic shearhead system is a cruciform made of two mutually perpendicular shear
arms (typically I-sections) which are fully connected to the column and embedded in the slab
(see Fig. 3.3 a). The eﬀectiveness of a shearhead mainly depends on its stiﬀness relative to
the slab. This stiﬀness depends on the length of the shear arm and its section properties. The
section stiﬀness is increased by composite action with the slab which can be enhanced with
shear connectors. Since punching shear of an internal column under gravity loading is an
axisymmetric problem, ideally shearhead systems that approach an axisymmetric geometry
are most eﬀective. Therefore, the eﬃciency of cruciform type shearheads increases as the
number of shear arms is increased. An increase of the number of shear arms improves the
capability of the shearhead to collect loads from the slab. Increasing the number of shear
arms, on the other hand, has the disadvantage of making it more diﬃcult to connect the arms
to the column.
Corley & Hawkins (1968a) investigated the punching shear behaviour of cruciform type shear
heads in conjunction with concrete columns. The slab assembly details are listed in Table 3.1
in Subsection 3.9.3). Their ﬁndings were subsequently adopted in the ACI-318 building code.
The slabs measured 2100x2100mm with a depth of 146mm. The adopted columns measured
203x203mm and 254x254mm respectively (converted imperial sizes). Control slabs without
shear reinforcement were used to correlate the results with other investigations.
They found two diﬀerent types of behaviour. When the plastic capacity of the shear arm
at the critical section was not exceeded before punching failure, the failure surface generally
followed the perimeter of the shearhead reinforcement. They deﬁned that as ’over-reinforcing’
shearhead. When the plastic section capacity was exceeded, the failure surface fell inside the
end of the shearhead. This was deﬁned as ’under-reinforcing’ shearhead.
The control perimeters proposed by Corley & Hawkins (1968a) were adopted in the ACI-318
code. The perimeter geometries are shown in Fig. 3.23 in Subsection 3.9.1.
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Fig. 3.4 depicts the normalised shear strength Vu/ (u d νn) = νt/νn versus the column-width-
to eﬀective depth ratio c/d of slabs tested by Corley & Hawkins (1968a), Chana & Birjandi
(1997) and Godycki & Kozicki (1978).
Figure 3.4: Shear strength decrease depending on the c/d ratio
In Fig. 3.4 the expression νn represents the nominal strength according to the ACI code with
c = u/4. The tests show that the normalised shear strength νt/νn decreases with increasing
control perimeter length u. Corley & Hawkins (1968a) compared the reduction in strength
with c/d to that found by Moe (1961) for slabs without shearheads or shear reinforcement.
They concluded that the reduction in strength was similar in each case and that the eﬀect of
the shearhead was similar to increasing the column size.
To take account of this eﬀect Corley & Hawkins (1968a) suggested the adoption of an eﬃciency
factor of φ = 0.85 according to equation 3.1. Alternatively, they proposed a correction of the
nominal shear strength which takes account for the ﬂexural capacity Vf according to equation
3.2.
Vu = φu d
1
3
√
f ′c (3.1)
Vu =
νn + 0.784f
′
c
1
u d
+
0.784f
′
c
Vf
(3.2)
where f
′
c represents the uniaxial unconﬁned compressive strength, νn denotes the nominal
shear strength, Vf represents the ﬂexural strength which can be obtained by yield line analysis
of the slab without consideration of the shearhead contribution, d denotes the eﬀective depth,
u is the control perimeter length and φ is an eﬃciency factor.
84
Corley & Hawkins (1968a) also measured the shear force distribution in a cruciform type
shearhead. They inferred that the shear force distribution was constant along the shear arm
(see Fig. 3.5). They further concluded that the shear force level depends on the ratio of the
ﬂexural stiﬀness of the steel section to that of a cracked steel-composite section. Fig. 3.5
shows that the interpretation of the shear force distribution along the shear arm based on
three measured values is subjective. The continous (red) line in this graph shows that a
decrease of shear force toward the tips would also be justiﬁed.
Figure 3.5: Shear calculated from measured strains in shearhead (from Corley & Hawkins,
1968a)
Based on their research programme, Corley & Hawkins (1968a) developed a design method
based on their research programme which was implemented in the ACI-318 building code
(ACI 318, 2005). The design procedure is discussed in Subsection 3.9.1.
The shear capacity of cruciform type shearheads can be increased by extending the shear
arms provided that the areas between the shear arms are properly considered. Usually, to
fully utilise the shearhead capacity, additional shear reinforcement needs to be provided in
the slab between the shear arms. Cruciform type shearheads have already been used to
resist punching forces between 20-30 MN, which shows their huge potential. Fastabend et al.
(2008) describe a very large cruciform type shearhead which was designed for the Ernst-
August gallery in Hannover (Germany) in which a 1400mm thick ﬂat slab was supported by
1000mm diameter circular columns. The shearhead measured 8000x8000mm in plan and was
welded from structural steel I sections. The section depth measured 880mm and the plate
thickness used for the webs and ﬂanges was t=40mm. Additionally, 1000 headed shear studs
were vertically welded on top and bottom of the ﬂanges in such a way that they extended
into the main reinforcement layers to form composite conﬁgurations.
The adoption of headed shear studs subjected to cyclic loading conditions leads to fatigue
eﬀects which are discussed by Hanswille (2007). Fatigue tests on headed shear studs revealed
that the capacity strongly decreased when subjected to cyclic loading. When subjected to
cyclic loading, the decrease in capacity is caused by concrete damage in the shaft of the shear
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stud due to bending eﬀects. The degree of damage is mainly inﬂuenced by the cyclic force
amplitude. These bending eﬀects further cause high tensile stresses in the studs themselves,
which typically cause fatigue failure in the welding zone where the studs are connected to the
ﬂange.
The main consequence of using thin-walled tubular steel columns is the reduced bearing
capacity of the column walls. Direct bearing stresses acting onto the column face arise due
to slab bending action. Shear forces are transferred in reinforced concrete columns through
the ﬂexural concrete compressive zone and aggregate interlock. These mechanisms are not
available to transfer shear forces into tubular steel sections. Mechanical interlock between
the tube and the surrounding slab is limited to shear friction, which provides little resistance
due to low out of plane stiﬀness.
Yan et al. (2008) carried out punching shear tests on a square ﬂat slab specimen measuring
1825x1825mm with a slab depth of h=200mm. Orthogonal tensile reinforcement was used
which consisted of T12 bars at 145mm centres. The column was an empty SHS-200x200x10
section. The cruciform type shearhead employed consisted of four rolled steel 102x44x7
(7.4kg/m) joists which were welded to the column via trapezoidal transfer plates. The shear
arms measured L=140mm from the column face to the tapered tip. The test data were in
good agreement with the analytical punching shear capacities that were calculated according
to the ACI building code (ACI 318, 2005) and Eurocode (EC 2, 2004). This proves that the
full punching shear perimeter of an equally-sized concrete column could be activated, and
hence the lack of interlocking can be overcome. In this case, the employed shearhead detail
served as shear connector rather than a shearhead, because the shear arms were not long
enough to increase the length of the critical shear perimeter.
Cheol-Ho et al. (2008) performed tests on 3000x3000mm reinforced concrete slabs with a
depth of h=200mm. For the column they considered two 400x400mm welded box section
with diﬀerent wall thicknesses of t=20mm and t=40mm respectively. The shear arms made of
100x100mm I-sections with a ﬂange thickness of tf = 8mm and a web thickness of tw = 8mm
were directly ﬁllet-welded onto the column wall. Two diﬀerent types of length for the shear
arms (l1=200mm and l2=320mm) were investigated.
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Fig. 3.6 shows the shearhead detail with a shear arm length of l1=200mm and a t=40mm
thick column section.
Figure 3.6: Shearhead detail (l1=200mm) with crack control studs (from Cheol-Ho et al.,
2008)
To overcome the issue of discontinuous reinforcement, holes were drilled in the column for
continuous top and bottom reinforcement. The square slab was vertically supported along the
edges and additionally horizontally restrained to simulate membrane eﬀects. Headed crack
control studs were located horizontally above the tensile ﬂange, and were then directly welded
onto the column face. According to the test data the shearhead capacity was not reduced by
column wall bending. The crack control studs increased the capacity by 20%-40% compared
to specimens without them. The punching shear capacity was approximately 14% higher
than that calculated according to the ACI-code, possibly due to the activation of membrane
eﬀects. This shows that ﬂat slabs can be successfully connected to tubular columns. It should
be noted that the column walls increasingly provide knife edge supports to the reinforcement
bars passing through the column. Under cyclic loading conditions this causes the concrete to
deteriorate around the bar at the interface with the column. The knife edge support induces
kinking in the reinforcement, thereby, adversely aﬀecting its strength.
Godycki & Kozicki (1978) investigated the punching shear behaviour of ACI-type shear heads
in conjunction with concrete columns. The slabs measured 1800x1800mm with a depth of
h=160mm. The column measured 250x250mm in cross-section. The shear arm lengths
measured lv1 = 375mm, lv2 = 500mm and lv3 = 625mm where lv is the distance from the
centre of the column to the tip of the shear arm. A control slab without shear reinforcement
was used for comparative purposes. The slab assembly details are listed in Table 3.1. The
punching shear capacity of the slab with the largest shearhead was increased by 20% compared
to the unreinforced specimen. Godycki & Kozicki (1978) found that the eﬀects of decreasing
shear strength with increasing perimeter length were largely inﬂuenced by the reinforcement
ratio. In other words, they considered this eﬀect to be ampliﬁed by low reinforcement ratios.
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They further conﬁrmed that the failure perimeter extension measured about three quarters
of the exposed shear arm length. Fig. 3.7 depicts the measured shear stress distribution V
along the shear arms.
Figure 3.7: Measured shear force distribution along diﬀerent arm length (from Godycki &
Kozicki, 1978)
These were obtained by the measured bending moment distributions by dividing the bending
moment diﬀerences ΔM by the distance of the strain gauges dl according to V = ΔM/dl.
It shows that the shear force levels for a short arm increase towards the tip and decrease for
long arms.
This method is mathematically correct, but it ignores the inﬂuence of the distributed load
along dl. Usually the distributed load is neglected because its contribution yields higher
order derivatives, which is only accurate if dl is suﬃciently small. Instead, this method
implies that the shearforce is introduced by concentrated loads acting on the shear arm at
the strain gauge locations. Furthermore, this method ignores the inﬂuence of composite
action. Fig. 3.8 depicts forces acting on an inﬁnitesimal beam element with length dx.
Figure 3.8: Inﬁnitesimal beam element
In Fig. 3.8 the traction force τ denotes some shear ﬂow which arises from composite action
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and e represents the eccentricity of τ to the neutral axis. In a cracked composite conﬁguration
τ is lower on the tension side than on the compression side owing to increased conﬁnement
pressure at the latter. Therefore, in Fig. 3.8 τ is assumed to represent the residual diﬀerence
between the compression and tension side. Consequently, the shear force distribution that
accounts for composite action is V = dM/dx+ τe. The quantity of τe is admittedly diﬃcult
to measure. An accurate estimate of composite action can either be obtained by numerical
analysis or by provision of additional strain gauge rosettes on the shear arm web. Moreover,
the adopted method provides only limited information about the shear force distribution at
the tip. A denser array of strain gauges would have provided more accurate information.
Eder et al. (2010) found that the shear force distribution in their shear arm assemblage could
be approximated by a cubic function which decreased to zero toward the tip. In this case the
equivalent load follows a triangular distribution. Numerical analysis of shear head reinforced
slabs tested by Corley & Hawkins (1968a) showed that the shear force and bending moment
distribution along the shear arms largely depended on the length of the shear arm relative to
the slab depth. It seems that the loading conditions approach the single load assumption as
the shear arm length decreases.
However, the assumption of a concentrated load acting at the tip of the shear arm is con-
servative but it also conﬁrms the demand for further research on the composite behaviour
of cruciform shear head systems; such new research could consequently yield a more cost
eﬀective design.
If we return to the method employed by Corley & Hawkins (1968a) their tested shearheads
had tapered ends in compliance with the assumed loading conditions. This should improve
the load transfer from the slab onto the shear arm. Numerical analysis conducted by Eder
et al. (2010) suggest that tapered ends do not have a signiﬁcant impact on the load carrying
behaviour.
3.3 Composite cruciform
Piel (2004) developed a modiﬁed cruciform type shearhead system which can be classiﬁed
as a composite cruciform. The composite cruciform consists of ﬂat steel bars. Composite
action is obtained through a combination of horizontally arranged headed shear studs and
horizontal end plates located at the tips of the shear arms (see Fig. 3.9).
Figure 3.9: Schematic 3D illustration of the composite cruciform (from Piel, 2004)
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Numerical analyses conducted by Piel (2004) showed that inclined concrete struts develop
in the area of the horizontal end plates. These cause additional end anchorage eﬀects which
increase the composite action and the compressive depth. Furthermore, additional vertical
forces can be introduced in the shear arms by the shear studs which are arranged in two rows
on top and bottom of the shear arms.
Piel (2004) also presented a nonlinear analytical model which is based on assumptions made
by Kinnunen (2001) and Andra¨ (1982); it comprehensively considers complex mechanical
processes of punching shear failure. The capacity of the composite cruciform is obtained by
additional compatibility conditions considering the vertical deformation of the slab. Two
additional assumptions are made: ﬁrstly, the slab is deemed to deﬂect without curvature in
the radial direction and secondly, the shearhead itself does not contribute to the slab stiﬀness.
Based on these assumptions, the displacement of the slab and the tip of the shearhead must
be equal. The contribution of the shearhead to the overall capacity can then be computed
by means of bending moment equilibrium conditions in the radial direction considering loads
introduced by the studs as well as loads introduced by the end plates.
In this respect the function of the shear studs is twofold: ﬁrstly, they enable the load transfer
from the slab to the shear arms and secondly, they increase the section capacity due to
composite action. The eﬀectiveness and behaviour of the composite cruciform is a function
of its length, the end plate detail and the arrangement of the shear studs which inﬂuence the
bending and shear stiﬀness of the composite section. Hegger et al. (2007) carried out tests
and conducted detailed numerical analysis on the composite cruciform. They ascertained
that the partition of the forces between the concrete and steel section largely depended on
the stiﬀness of the steel section. Owing to the eﬀects of the endplate anchorage, high tensile
forces were found inherent in the arms.
Computation of the shear force and bending moment distribution showed that the shear
forces were introduced gradually along the shear arms rather then at the tip. Furthermore,
it became evident that a full utilisation of the plastic section capacity could only be achieved
by provision of additional shear reinforcement.
The study carried out by Hegger et al. (2007) suggests that horizontally aligned shear studs
cause tensile splitting stresses which apparently lowered the capacity of the composite cruci-
form.
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Fig. 3.10 shows an idealised strut-and-tie model forming in front of a horizontally aligned
shear stud.
Figure 3.10: Tensile crack plane associated with horizontal studs
The compressive struts (C) induce tensile components (T) into the concrete in front of the
shaft, due to the shear ﬂow in the composite section. It is noteworthy that in-plane bearing
pressures due to shear ﬂow are more critical than out-of-plane action which arises from load
collection. This results from the ﬂexural reinforcement being present in the top and bottom
layers, which prevents splitting failure in the latter case. The question arises about the merits
of headed studs in comparison with those of an I-section where the continuous ﬂanges usually
prevent such stress concentrations.
3.4 Tuchschmid Walm
A Swiss-patented system called Tuchschmid-Walm (Tuchschmid, 2010) consists of four to six
shear arms which are arranged in a star shape (see Figs 3.11 and 3.3 e).
(a) (b)
Figure 3.11: Tuchschmid-Walm (a) 4-arms and (b) 6-arms (from Tuchschmid, 2010)
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The slab rests on the ﬂanges of tee-sections where the ﬂanges are ﬂush with the bottom
surface of the slab. A fan shaped load sector (in plan view) is transferred to each arm. These
tee- pieces are connected to a ﬂat steel bar which acts as a tie, equilibrating the concrete
compressive struts in the assumed strut-and-tie model. In this system the adoption of six
arms causes less of a problem in terms of connection detailing, because the arms are not
required to transfer bending moments.
3.5 Geilinger Mushroom
A highly eﬃcient modiﬁcation of the cruciform shearhead is the Geilinger mushroom. It
consists of a square collar (also referred to as ’edge beams’ in this thesis) connected to the
column with main beams arranged in a cruciform pattern. The system, otherwise referred
to as closed-type shearhead, is currently on the market as Europilz. The edge beams are
typically made of channel sections with the ﬂanges pointing outwards. The edge beams are
fully welded at the corners and the main beams are made of ﬂat steel bars, channel- or
I-sections depending on the required capacity.
This shearhead type has already been tested for application with universal beam columns.
Geilinger (1982) shows a bolted connection detail using a HEB-200 column I-section (see
Fig. 3.12).
Figure 3.12: Example of a bolted Geilinger-mushroom detail for UB-column (from Geilinger,
1982)
The edge beam collar made of channels is split into two halves for assembly purposes and
it is joined together with a bolted connection. The main beams consist of ﬂat bars welded
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to each half of the collar. The continuous main beams are bolted to the ﬂanges on either
side of the column with M27 bolts. Usually the shearhead is positioned at the bottom of the
slab with the ﬂanges being ﬂush with the bottom surface in order to maximise the punching
shear capacity. This detail has the advantages of a high prefabrication level with the ability
of quick assembly on site which avoids site welding.
Two diﬀerent versions of a reinforcing layout are available. Geilinger (1966a) mentions a
detail with continuous reinforcement above the shearhead and Geilinger (1966b) refers to an
alternative detail with discontinuous reinforcement (see Fig. 3.13 and 3.14).
Figure 3.13: Example of detail with continuous reinforcement (from Geilinger, 1966a)
Figure 3.14: Example of detail with discontinuous reinforcement (from Geilinger, 1966b)
In the latter case the slab showed a square hole the size of the collar and only the ﬂanges of the
edge beam established the connection to the slab. Reinforcement loops were arranged around
the edge of the slab which acted as local shear reinforcement and anchored the discontinuous
main reinforcement.
According to the assessment of this shearhead by Bryl & Sassnik (1978), this detail enables
the conduction of services through the slab without the requirement of additional holes. This,
however does not signiﬁcantly reduce the capacity, which is a highly important aspect. The
square-shaped collar reﬂects quasi axisymmetric conditions which makes this shearhead sys-
tem very eﬃcient for gravity loading. High capacities of this system arise from the activation
of large failure perimeters. The control perimeter is deﬁned by the size of the edge beams.
Punching shear failure can only occur outside provided that the strength of the main beams
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is suﬃciently high. The size of the shearhead can be chosen in a way that the shear stresses
are low enough not to require additional shear reinforcement.
Furthermore, Bryl & Sassnik (1978) state that the reinforcement of the ﬂat slab only needs
to be designed for radial forces occurring at the edge of the collar. The higher levels of shear
forces and bending moments within the shearhead are entirely taken by the steel members.
Theoretically the slab depth can be optimised by adapting the size of the mushroom aiming
for equilibrium of the maximum sagging moment and the edge moments of the shearhead.
The slab depth is then governed by the sagging moments and deﬂection rather than hogging
moments and punching shear. Insight into the structural performance is given by the design
guidance of the authorisation report of Geilinger (1986).
The design guidance only covers the detail where the main reinforcement is provided contin-
uously above the shearhead; in which case the depth of the edge beam is typically 50-100mm
less than the slab depth. Fig. 3.15 shows the bending moment distribution in the slab in
one direction. If mp is smaller than min (msg) then the slab only needs to be designed for
min (msg) which is signiﬁcantly lower than min (mss). The bottom reinforcement may end
above the ﬂanges of the edge beam.
If, in a special case, the edge beams are located in the sagging moments area, then the
bottom reinforcement needs to be welded to the ﬂanges of the edge beams. The provision
of additional diagonally arranged tensile reinforcement is recommended for crack control,
but this leads to additional reinforcing layers, which compromises simplicity. The critical
perimeter for the punching shear capacity is calculated along an oﬀset of d/2 (d=eﬀective
depth) around the collar edge where the corners of the perimeter are rounded. For the
shearhead design it is assumed that the shear forces in the slab are uniformly distributed
along the edge beams and directly transferred to the column via the main beams. Edge and
main beams together need to be designed for the bending moments Δms = min (mss)−mp
or Δms = min (mss)−min (msg) where bending moment shear force interaction needs to be
considered.
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Fig. 3.15 shows the bending moment distributions in a section through the centre of the
column (Section 1-1) and one next to the edge beam (Section 2-2).
Figure 3.15: Design forces for Geilinger-mushroom (from Geilinger, 1986)
Hegger et al. (2007) tested one Geilinger-mushroom in a conﬁguration as shown in Fig. 3.13.
The circular slab had a diameter of D = 2400mm and a slab depth of h = 260mm. The col-
umn size measured c = 300mm and the mushroom size was bm = 1000mm. After calibration
of their FE-model a parametric study was conducted. Emphasis was placed on the structural
behaviour inside the collar rather than outside of the collar.
According to the analysis, the eﬃciency of the shearhead mainly depends on the absolute
stiﬀness of the main beams and the relative stiﬀness of main beams to edge beams. In other
words, the main beams need to be stiﬀ enough to fully utilise the force transfer from the
edge beams. Furthermore, the edge beams contribute to the overall shearhead stiﬀness and
therefore fully participate on the bending moment transmission.
Their nonlinear ﬁnite element analysis showed that 59% of the total load was carried by the
main beams and the remainder of 41% was transferred by direct bearing of concrete struts
between the column and the edge beams. This determines, that, although shear connectors
were not provided, high conﬁnement pressures activated considerable levels of frictional forces.
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Fig. 3.16 shows the principal stress distribution of one quarter of the mushroom.
Figure 3.16: Principal compressive stress trajectories inside the edge beams (from Hegger
et al., 2007)
Shear forces and bending moments in the edge beams are always concentrated at their sup-
ports where the main beams are connected to the webs of the edge beams. The collected
shear forces from the edge beam are transferred to the tip of the main beam. The bending
moment in the main beam has its maximum at the column and decreases towards the end of
the main beam at the intersection with the edge beam.
Numerical analyses showed that no signiﬁcant axial force develops in the main beams. It
follows that, for design purposes, only a M-Q-interaction needs to be considered. An increase
of the mushroom size (with constant section properties) revealed that the edge beams become
less eﬀective in collecting loads from the slab. Instead, the load carrying mechanism changes
to frictional action and direct bearing of the concrete. Hegger et al. (2007) found that the
bending moment level at the junction of the main beam and the edge beam drops to zero
at a length of 5.5d to 6.0d. From that he inferred that the size of the mushroom needs to
be limited in accordance with the stiﬀness of the main-, as well as edge beams to ensure its
eﬀectiveness.
3.6 Other shearhead systems
This section describes other shearhead types which have been developed recently and which
represent interesting concepts. A pressure-formed sheet metal shell has been patented by
BRC (2010) and named a Sheardome (see Fig. 3.17).
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Figure 3.17: Sheardome assembly (from BRC, 2010)
This shearhead is very eﬃcient for gravity loading conditions but is currently only available
for use with reinforced concrete columns. The functional principle is depicted in Fig. 3.18
which shows that this system increases the shear perimeter which potentially reduces the
column size and removes the need for drop panels.
Figure 3.18: Sheardome functional principle (from BRC, 2010)
In this case the local support system rests on the inside of the sheardome, whereas the
surrounding slab rests on the outside. The local support system causes deviation forces
between the compressive struts of diﬀerent inclination, which induce membrane tensile forces
into the sheardome. In other words, the sheardome acts as shear reinforcement; its surface
geometry is adapted in a way that it perpendicularly crosses the potential shear crack. This
makes the sheardome a rather eﬃcient shear reinforcement system.
Subedi & Baglin (2002) developed a shearhead which they named NUUL system. The sys-
tem consists of mutually perpendicular ﬂat steel crossbars which are welded onto a polygonal
baseplate. This steel plate forms the soﬃt of the slab around the column. The plate anchors
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the crossbars and simultaneously increases the conﬁnement for the concrete around the col-
umn to prevent local crushing. Additionally, U-shaped staples are welded perpendicularly to
the base plate, and they tie the main top reinforcement to the shearhead. To establish the
anchorage of the bottom bars, bond bars were welded onto the baseplate. These projected
out of the base plate according to the required lap length of the rebar (see Fig. 3.19).
(a) (b)
Figure 3.19: The ’NUUL-system’ (from Subedi & Baglin, 2002)
Subedi & Baglin (2002) conducted six punching shear tests on square specimens. The speci-
mens measured 1300x1300mm and 1500x1500mm respectively, with a depth of 150mm. The
reinforced concrete column measured 150x150mm. In all tests punching failure occurred
around the perimeter of the plate with a distinct shear crack. At this stage the baseplate
punched into the bottom surface of the slab. The staples averted the horizontal separation
of the top reinforcement layers (dome eﬀect) which consequently increased the capacity. The
punching shear capacities achieved during the tests were remarkably high, and in one case
even bursting of the column extension occurred.
Culica (1983) proposed a shearhead where the collar of which consists of an antisymmetric
channel section. The shorter upper ﬂange of the collar is braced to resist horizontal forces
(see Fig. 3.20).
This collar is cast in the slab which then frames an opening through which the column passes.
The column itself is equipped with steel hoops located at the heights of the ﬂanges of the
cast-in collar. The connection between the steel frame and the column is established by steel
wedges which are located vertically in the small gap between the steel hoops and the steel
frame. The shear force is transferred from the slab onto the bottom ﬂanges of the collar and
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Figure 3.20: Schematic principle of ’Culica-patent’ (from Culica, 1983)
from there to the column by direct bearing of the wedges. The hoops in the column and the
ﬂanges of the collar are designed to resist the horizontal thrust arising from wedge bearing.
In a diﬀerent proposal Riss (1988) developed a detail which was intended to increase the
bearing capacity of the mushroom within its perimeter. Shear connectors are arranged in
an antisymmetric manner around the collar, with the purpose of activating additional strut-
and-tie action (see Fig. 3.21).
Shear connectors on the outside of the edge beam transfer the shear force from the slab into
the collar where the forces are then partially transferred to the column by the main beams and
partially by the concrete struts. Another detail shows the collar made of a Z-section which
serves the same purpose, where the bottom ﬂanges of the Z-section are pointing outwards
and the top ﬂanges are pointing inwards. This system aims to reduce the section size of the
main beams where it follows a similar concept like the Sheardome does.
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Figure 3.21: Strut and tie principle of ’Riss-patent’ (from Riss, 1988)
3.7 Test programme by Chana and Birjandi
This section brieﬂy describes three test series conducted by Chana & Birjandi (1997). Based
on their experimental ﬁndings a design procedure for shearheads was developed which is
presented in Subsections 3.9.2 and 3.9.3. The ﬁrst series, consisting of 16 small scale tests
(model tests), investigated the eﬃciency of diﬀerent shear head types with regard to the
punching shear capacity. The results from the model tests were then used to choose the
types which performed best for investigation in large scale tests. The second and third large
scale test series aimed to extend the data of the model tests to full scale conditions, where
both, internal and external shearhead details were investigated. The shearheads used in these
series are depicted in Fig. 3.22.
The investigated assemblages consisted of ACI-type shearheads (i),(ii), closed types shear-
heads (iii), (vi) and innovative details (iv) and (v). The model test specimens were circular
slabs with a diameter of 1550mm and a depth of 120mm. These were supported by eight ties
that were symmetrically arrayed along the edge. The large scale tests specimens measured
3000x3000mm and had a depth of 250mm.
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Figure 3.22: Shearheads tested by Chana and Birjandi (from Chana & Birjandi, 1997)
All the specimens failed in punching shear. The cracking sequence of all specimens was
similar. Radial cracks formed in the centre of the slab which gradually extended towards
its edges. Circumferential cracks developed thereafter prior to punching failure. It was
demonstrated that the slabs with shearheads had larger punching perimeters than slabs
without shearheads. The following conclusions were drawn from those experiments:
• The punching shear capacity of the slab is determined by the type and the shape of the
adopted shearhead.
• The shearhead increased the size of the perimeter as would be the case with a larger
column. For the calculation of the control perimeter an oﬀset of 1.25d from the ’larger
column’ was suggested.
• When openings in the slab are absent, the most economical shearheads were found to
be the two ACI-types. When openings are provided near the column face, the use of
closed types was recommended.
3.8 Lateral loading conditions
Islam & Park (1976) carried out eight laterally loaded tests on half scale slabs to inves-
tigate the eﬃciency of various shear reinforcing systems. The rectangular slabs measured
2286x3048mm and had a slab depth of 89mm (converted imperial sizes). The column mea-
sured 229x229mm. The shearhead was centrally embedded between the ﬂexural reinforcement
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and measured 914mm between the tips. It was made from cold formed 38x25.4x3.25mm chan-
nel sections. The slab was supported and loaded by the edges along the shorter span where
the pre-stressed column extensions were ﬁxed. Concrete weights were hung from the slab
to simulate the gravity load. The shearhead reinforced slab failed in punching after a fairly
distinct yielding response. According to the test data, the shearhead detail had the same
ultimate moment capacity when compared to other conventionally shear reinforced slabs. All
slabs containing shear reinforcement showed increased ductility in contrast to unreinforced
details. On the other hand, the shearhead reinforced detail had the lowest ductility of all
shear reinforced specimens.
In respect of the shallow slab depth and the very small shear arm cross-section it became
apparent that the slab behaviour was dictated by ﬂexure. The adopted shearhead was un-
derreinforced (Corley & Hawkins, 1968a), as shown by the fairly ductile lateral response.
Typically, overreinforced shearheads in contrast to conventionally reinforced details yield a
higher capacity but much lower ductility. However, the most remarkable aspect of the study
of Islam & Park (1976) is that the shearhead reinforced detail behaved worse than slabs
containing conventional shear reinforcement.
Godycki & Kozicki (1984) performed four full scale tests on square reinforced concrete slabs
with cruciform shear heads of various length (l1=375mm, l2=500mm, l3=625mm). The slabs
measured 1700x1700mm with a slab depth of 170mm, and they were supported along their
edges. The reinforced concrete column measured 250x250mm. The shear arm sections used
were DIN-100 I-sections. The eccentricity was kept constant e=250mm throughout all the
tests.
Additional control specimens without shearhead reinforcement were tested for comparative
purposes. Strains were measured at various points on the upper and lower ﬂanges of the
shear heads. Furthermore, strains were measured on tensile reinforcement bars in two direc-
tions adjacent to the column faces. It was concluded that eccentrically loaded slab column
connections with shear heads had about 40-70% greater capacity than specimens without
shear heads. The measured strain levels in the transverse reinforcement (perpendicular to
the lateral loading direction) were 20-40% lower when compared to slabs without shearhead
reinforcement. This implies that the shear arms located in the torsional strip parallel to the
bending axis carried small torsional moments.
The diﬀerence between the magnitude of the bending stresses in the top- and bottom ﬂanges
indicate the presence of axial forces in the shear arms. This infers composite action between
the sheararms and the surrounding concrete. The stress levels in the shear arms parallel to
the loading direction increased by 40-50% after application of the external moment. Thus,
only the arms in the loading direction are mainly participating on the moment transfer.
Godycki & Kozicki (1984) compared the calculated shear stress νcal (see equation 3.3) at the
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ACI-318 perimeter with the nominal shear strength νnom = 0.33
√
f ′c.
νcal =
V
Ac
+
V e xmax
Jc
(3.3)
where Ac represents the circumferential area of the critical perimeter, Jc denotes the second
moment of area of the critical perimeter, e=250mm represents the eccentricity and xmax
represents the maximum distance between the centre of the column and the perimeter.
They found that the maximum shear stress at failure exceeded the nominal shear strength
by about 30-50%. They further concurred that the calculation of the failure load according
to the ACI-318 provisions was practical but somewhat conservative.
The highly nonlinear distribution of the measured axial stresses along the shear arms leads
to the idea that the shear force in them is not constant (dM/dx = const.). The ACI-code
suggests that the force transfer occurs in the tip of the shear arm, which is conservative. The
statement regarding the low torsional moment in the arms is reasonable, because of the low
torsional stiﬀness of the I-section used. It all depends on how the torsional moments have
been measured. Low levels of shear stress do not automatically exclude the presence of high
longitudinal stresses arising from warping torsion eﬀects, particularly if I-sections are used.
3.9 Design methods
In this section the design procedures for cruciform type shearheads according to ACI 318
(2005) and closed type shearheads according to Chana & Birjandi (1997) are presented and
discussed. The design of shearheads is at present not covered by the Eurocodes.
3.9.1 ACI Building Code provisions
ACI 318 (2005) provides control perimeters for cruciform-type shearheads which are deﬁned
by the column size and the shear arm length lv where the latter is measured between the
centre line of the column and the shear arm tip. The control perimeters for interior shearhead
details are depicted in Fig. 3.23.
Figure 3.23: Control perimeters provided bt ACI building code (from ACI 318, 2005)
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The computation of shear stresses along the perimeter follows the same procedures of ordinary
slab-to-column connections mentioned in Subsection 2.5.2. Importantly, the ACI building
code does not allow for a partitioning of the external moment according to the fraction γν
in conjunction with shearheads. The basic design concept of the ACI 318 (2005) provisions
is that the ﬂexural strength of the shearhead is required to be suﬃciently high so that the
shear strength of the slab at the control perimeter is fully utilised. The critical moment
occurrs at distance of lv − c1/2 away from the tip which basically represents the column
face. To calculate the ﬂexural strength, assumptions on the shear force distribution along the
shear arms are necessary. The shear force is deemed to be constant along the arm, where its
level is proportional to αv according to equation 3.4. Equation 3.4 represents the ratio of the
cross-sectional bending stiﬀness of the bare shear arm to that of a cracked concrete composite
section which includes the shear arm and the ﬂexural reinforcement. The maximum shear
strength is limited to 1.75 times that without a shearhead.
αv =
EsIs
EcIc
≥ 0.15 (3.4)
where Es and Ec denote the moduli of elasticity of steel and concrete respectively, Is repre-
sents the moment of inertia of the shear arm section, Ic represents the moment of inertia of
the composite section with an eﬀective width of c1 + d.
The assumed shearforce distribution in one shear arm at ultimate load is depicted in Fig. 3.24.
Figure 3.24: Idealised shear acting on shearhead (from ACI 318, 2005)
The critical shear force Vs can be obtained from equation 3.5. The shear force level in the
remaining part of the shear arm amounts to (αvVc/2). The ultimate bending moment Mp in
the critical section can be calculated from equation 3.7 where herein Vc was assumed to be
half the ultimate load.
Vs =
1
4
[Vu − Vc (1− αv)] (3.5)
Vc =
Vu
2
(3.6)
Mp =
Vu
8
[
hv + αv
(
lv − c12
)]
(3.7)
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where Vu is the ultimate column shear, Vs represents the shear force in the shear arm at the
critical section; Vc is the punching shear resistance of the slab without shearhead reinforce-
ment, hv is a length which corresponds to the section depth of the shear arm, lv denotes the
shear arm length from the centreline of the column and c1 is the column width.
For the shear arm design, the plastic section capacity of the shear arm needs to be suﬃcient
to resist the combined forces Vs and Mp which occur at the column face which is the critical
section.
In terms of shearhead design under combined loading, the propositions of Hawkins & Corley
(1974) will be given which were consequently adopted in ACI 318 (2005) and provided in
Clause 11.12.6.3. The design procedure is based on their tests on shearhead reinforced edge
connections. Although these do not exactly represent the behaviour of internal connections
under lateral loading, their procedure is presented because other design guidance on the latter
is not available. However, they suggest that the maximum eﬀective length of shear arm should
be Lv − c/2 = 4d. The shearhead must have adequate anchorage to transfer the unbalanced
moment to the column. For the unbalanced moment transfer the critical perimeter of the
column is considered only.
The design procedure requires that the maximum shear stress along the perimeter is less
than the nominal strength. This is similar to equations 2.82 through 2.85 in Subsection 2.5.2.
For the sheararm design, Hawkins & Corley (1974) computed the shear stresses along the
perimeter for the gravity load and bending moment separately (see equations 3.8 and 3.9).
ν1 =
Vu
u d
(3.8)
ν2 =
Myx
Jy
(3.9)
where u denotes the control perimeter length, d represents the eﬀective depth, x is the
maximum distance from the column centre to the control perimeter, Jy represents the second
area moment, Vu represents the gravity load and My represents the external bending moment.
The colum shear portions acting on the leading shear arm are V1 and V2 according to equations
3.10 and 3.11. The leading shear arm represents that arm where forces from gravity- and
external bending moment loading are additive.
V1 = ν1d ·B′C ′ (3.10)
V2 = ν2d ·BC (3.11)
where the expression B′C ′ represents the length between points ’B’ and ’C’ of the shear-
head perimeter. The expression BC represents the length between points ’B’ and ’C’ of the
column perimeter. Fig. 3.25 depicts the critical perimeters of shearhead reinforced edge con-
nections which were adopted by Hawkins & Corley (1974). Consequently these perimeters
were adopted in the ACI-building code.
105
Figure 3.25: Critical perimeters of edge connection details (from Hawkins & Corley, 1974)
The bending moment in the critical section can be obtained by equation 3.12 which is similar
to equation 3.7.
Mp =
V1 + V2
2
[
hv + αv
(
lv − c12
)]
(3.12)
The shear arm capacity needs to be higher than Mp under coexisting shear forces V1 and V2.
3.9.2 Method after Chana & Birjandi (1997)
Chana & Birjandi (1997) developed an alternative design concept for open (ACI-type) and
closed shearheads for internal and external column-to-ﬂat slab connections. Here, only inter-
nal connections are considered. Clearly the shearhead geometry should be chosen in such a
way that equation 3.13 is satisﬁed; that is to say that the shear resistance of the shearhead
perimeter should exceed the total column shear.
Vperi = usνcd ≥ Vu (3.13)
where us represents the control perimeter length of the shearhead, νc denotes the shear
strength, d represents the eﬀective depth, Vu represents the total column shear and Vperi
represents the punching resistance provided by the shearhead control perimeter.
Fig. 3.26 depicts the proposed perimeters of open- and closed-type shearhead assemblies with
a general oﬀset of 1.25d.
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Figure 3.26: Control perimeters for open and closed types by Chana and Birjandi (from
Chana & Birjandi, 1997)
Similar to the ACI-code, Chana & Birjandi (1997) partitioned the resistances into a concrete
portion (see equation 3.14) and a shearhead portion (see equation 3.15). The concrete portion
arises from the assumption of a punching perimeter that was activated by the column with
an oﬀset of 1.5d from the column face. Finally, the shear arm section capacity needs to be
higher than the load combination Vsh and Mp provided by equations 3.15 and 3.16.
Vc = ucνcd (3.14)
Vsh =
Vu − Vc
n
(3.15)
Mp =
VshL
n
(3.16)
where uc represents the control perimeter length of the column, Vc represents the shear
resistance provided by the concrete, Vsh denotes the shear force level in one shear arm, L is
the shear arm length measured between the tip and the column face of the (primary) shear
arms and n is the number of shear arms.
3.9.3 Comparative assessment
Eder et al. (2010) assessed both design methods with test data of 21 slabs tested by Corley
& Hawkins (1968b). The basic shear strength Vperi was calculated with EC 2 (2004) (with
γc = 0). In the calculation of us the eﬀective length was taken as L∗ = c/2+4Mp/ (Vperi − Vc)
if L∗ < L. It was found that the method of Chana & Birjandi (1997) predicted the shear
strength more accurately than ACI 318 (2005) and that the increase in shear strength provided
by the shearhead was signiﬁcantly greater than αvVc−test.
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A comparative study of diﬀerent design approaches on shearhead reinforced slabs which tested
in concentric punching is subsequently presented. Table 3.1 lists the properties of ACI-type
shearhead reinforced slabs tested in punching. The abbreviation ’C’ stands for Corley &
Hawkins (1968a), ’G’ stands for Godycki & Kozicki (1978) and ’Ch’ represents Chana &
Birjandi (1997).
no Author Specimen h d c B Lv ρ fc fy
- - - [mm] [mm] [mm] [mm] [mm] [%] [MPa] [MPa]
1 C BN-1 146 111 203 2100 n.a. 1.03 20.1 444
2 C AH-1 146 111 254 2100 508 1.37 22.8 438
3 C AH-2 146 111 254 2100 508 1.37 22.0 436
4 C AH-3 146 111 254 2100 305 1.37 22.0 440
5 C BH-1 146 111 203 2100 533 1.03 20.4 437
6 C BH-2 146 111 203 2100 229 1.03 18.1 423
7 C BH-3 146 111 203 2100 457 1.03 21.6 439
8 G 0-0.5 160 134 250 1800 n.a. 0.50 16.1 375
9 G A-0.5 160 134 250 1800 375 0.50 17.2 375
10 G B-0.5 160 134 250 1800 500 0.50 19.2 375
11 G C-0.5 160 134 250 1800 625 0.50 16.7 375
12 Ch FSSH1 250 205 300 3000 n.a. 1.00 33.5 (500)
13 Ch FSSH2 250 205 300 3000 615 1.00 30.5 (500)
14 Ch FSSH3 250 205 300 3000 615 1.00 32.6 (500)
Table 3.1: Material and geometrical properties of slabs failed in punching
In Table 3.1 h represents the slab depth, d denotes the eﬀective depth, c represents the
column dimension, B is the side length of the specimen, Lv represents the shear arm length
(’n.a.’ means that no shearhead was used), ρ is the reinforcement ratio, fc is the uniaxial
concrete compressive strength and fy represents the yield strength of the reinforcement.
Table 3.2 lists the measured and predicted punching shear loads. VACI,φ=1.00 and VACI,φ=0.85
represent the capacities according to equation 3.1.
108
no Vtest VACI,φ=1.00 VACI,φ=0.85 VC VCh
νp,ACI
νn,ACI
νp,Ch
νn,EC2
- [kN] [kN] [kN] [kN] [kN] [1] [1]
1 266 209 178 360 236 1.27 1.12
2 490 426 362 491 512 1.15 0.96
3 459 418 355 483 505 1.10 0.91
4 406 272 231 462 362 1.49 1.12
5 394 416 353 386 464 0.95 0.85
6 301 194 165 336 262 1.55 1.15
7 402 701 596 406 424 0.57 0.95
8 315 275 234 276 252 1.14 1.25
9 340 341 290 283 348 1.00 0.98
10 360 460 391 292 433 0.78 0.83
11 400 526 447 291 483 0.76 0.83
12 976 799 679 1489 866 1.22 1.13
13 1484 2514 2137 1605 1502 0.59 0.99
14 1745 2407 2046 1620 1619 0.72 1.08
Table 3.2: Comparison of punching capacities and shear strengths
In Table 3.2 VC represents the corrected capacity according to equation 3.2 and VCh is
the capacity according to Chana & Birjandi (1997), νp,ACIνn,ACI is the ratio of perimeter shear
strength to nominal shear strength according to the ACI building code and νp,Chνn,EC2 is the ratio
of perimeter shear strength after Chana & Birjandi (1997) to the nominal strength according
to EC2.
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Fig. 3.27 depicts the measured vs. the predicted punching shear capacities of the slabs as
listed in Table 3.2.
Figure 3.27: Measured versus predicted punching shear capacities
Table 3.3 compares the arithmetic means and the standard deviations of all four methods. It
shows that the capacity with φ = 0.85 gives more conservative results but generally a larger
deviation and a signiﬁcant scatter is observable, when compared to the other methods. The
corrected shear strength method after Corley & Hawkins (1968a) has a high mean accuracy
and less scatter. The predicted capacities according to Chana & Birjandi (1997) have both
a high accuracy and the least scatter.
Method x¯ σx
- [1] [1]
ACI,φ = 1.00 1.02 0.29
ACI,φ = 0.85 1.20 0.39
C 1.01 0.18
Ch 1.01 0.13
Table 3.3: Statistical evaluation of diﬀerent methods
3.10 A novel shearhead concept
In general, all the presented shearhead systems can be divided into two groups namely (a)
fully integrated- and (b) partially integrated shearheads. Fully integrated is characterised by
the shearhead being entirely incorporated in the slab; in this case the ultimate capacity of
the shearhead system is deﬁned by concrete failure.
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